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ABSTRACT

This study is mainly concerned with the analysis of the behavior of five
full-scale instrumented drilled shafts cast in soil profiles containing sand
and test loaded to failure. Two shafts were cast by the dry method and the
other three shafts were cast by the slurry displacement method.

From field observations and measurements taken during construction and
load tests, important findings were made concerning the construction and the
design of drilled shafts. With respect to the construction, the slurry dis-
placement method was found to possess a great potential for future use.

This method, however, must be used with care, to prevent the entrapment of
mud and sediments at the tip and sides of the shaft and in the concrete.

With respect to the design, the measured load transfer was correlated
with the properties of the sand measured by dynamic penetrometers. Pressure-
settlement curves were obtained for the tips of shafts in very dense sand
and sand of medium density. The total side load transfer was correlated with

the integral over the periphery of the shaft of the product P and 6, where

effective overburden pressure

o |
i

=N
I

effective friction angle

The coefficient of correlation was found to be about 0.7 for shafts
with penetrations in sand not exceeding 25 ft. There were indications that
this coefficient decreases with depth and, therefore, care must be exercised

when the results are extrapolated to deeper shafts.

KEY WORDS: bored piles, design, drilled shafts, sand, slurry, SPT.
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SUMMARY
This study can be divided into three major sections:

1. An evaluation of the slurry displacement technique
2. An analysis of the factors controlling the behavior of drilled shafts
3. An analysis of the tests on five full scale instrumented drilled

shafts constructed in sand

The slurry displacement technique was found to hold great potential for
the construction of drilled shafts. However, great care must be observed
in using this method to prevent the caving of holes in expansive clays and
to prevent the entrapment of mud and soft sediments at the tip and at the
sides of the shaft.

There are many factors that control the behavior of drilled shafts and
this study did not evaluate the influence of each of these variables. The
test results were used to obtain empirical evaluations of the tip and side
resistance of shafts in sand. Large displacements were found required to
mobilize significant tip resistance. An expression for evaluating an allowable
tip pressure was derived as a function of the tip diameter and the degree of
compactness of the sand. It was also found that the side resistance of
shafts penetrating less than 25 ft. in sand can be evaluated as 0.7 of
the integral over the periphery of the shaft of the product E tan @.

There are indications that a smaller fraction of this integral could be
developed in shafts of greater penetration in sands.

Based on the findings of this study a design procedure was developed

for shafts penetrating in sand up to 25 ft.

vii
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IMPLEMENTATION STATEMENT

This study presents a method for the design of drilled shafts in sand.
The method is based on full scale field tests and is recommended for
immediate implementation. This method is believed to be safer and more
economical than existing methods.

However, the proposed design procedure is limited to shafts penetrating
no more than 25 ft. into sand; therefore, it is recommended that further
field studies be carried out on the behavior of long drilled shafts in sand.
Further, additional load tests of short to moderate-length drilled shafts,
perhaps uninstrumented, should be carried out in order to refine and improve
the proposed design procedure,

The study also presents an evaluation of the slurry displacement
technique. It was found that this technique can be used successfully in

the construction of drilled shafts in caving soils.

ix
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CHAPTER I. INTRODUCTION
GENERAL

Engineering is the "art and science by which the properties of matter
and the sources of power in nature are made useful to man in structures,
machines, and manufactured products' (Webster). While an "art" is a
skill acquired by observation and intuition, a '"science" is a skill
acquired by a systemized knowledge, and a logical analysis of the cause
and the effect.

The application of engineering skills can only be perfected if these
skills are based on scientific foundations. 1Ir its development, engineering
has followed various courses. Many of the engineering techniques started
as a pure art and were later supported by a scientific analysis while
several others were developed from pure abstract logic. Engineering
cannot progress as an art, for if the scientific explanations of applied
skills are not expliored, those skills may result in the misuse of material
either by the production of an unsafe structure or by the waste of material
due to unnecessary conservatism.,

The art and the practice of deep foundation engineering have constantly
progressed at large paces leaving the slow paced supporting scientific
theories a considerable distance behind. 01d methods of construction are
continuously improved and new methods are continuously created while few
theories are being advanced on the behavior of deep foundations constructed

by the new methods.



Drilled shafts, interchangeably called 'drilled piers,'" "drilled
caissons,'" or '"bored piles,' are only one manifestation of this phenomenon.
In this case, the application of modern drilling equipment to the construction
of drilled shafts has not only revolutionized the methods of construction of
these shafts but has also made them successfully competitive with other
types of foundations, Situations where drilled shafts are advantageously
replacing driven piles and shallow foundations are becoming more common.

The adaptation of drilled shafts to most types of soils will bring them into
more widespread use in the coming years because of their evident advantages.
However, as the new methods of construction are applied, a better under-
standing of the behavior of drilled shafts constructed by these methods is
needed to make a better use of these shafts and bring more confidence in

their design.

EVOLUTION OF DRILLED SHAFTS AND RELATED RESEARCH

The multitude of the existing methods of construction of drilled
shafts is the product of a long process of evolution of construction
techniques. A detailed historical account of the development of drilled
shafts has been reported by various authors (Greer, D. M., 1969; 0'Neill
and Reese, 1970). To include the work of these authors here seems
repetitious and unnecessary. However, an evaluation of the research
needed on drilled shafts at this stage requires a brief recapitulation

of the major steps in the evolution of modern drilled shafts.



The first drilled deep foundations were hand drilled. The ''Chicago
Caissons'" or '""Chicago Wells" used to found the first skyscrapers on the
"hardpan" layer of the city of Chicago are the best known examples of
hand-dug piers. These caissons used wood lagging to protect the walls of
the hole and the lagging was left in the hole after concreting. The ''Gow
Caissons'" that followed later in the first decades of this century were
also hand drilled but used steel casings of various diameters to form a
step tapered hole. The casings were extracted one section at a time
during the concreting process.

Mechanized drilling reported to be first initiated in Texas used a
horse driven helical auger to drill piers past the depth of soil affected
by seasonal variations. It was not until about the time of the second
World War that steam and fuel powered engines were used to drill large
diameter shafts for the foundations of buildings and power poles. The
effectiveness of mechanically drilled shafts resulted in their widespread
use in various parts of the world and particularly in areas where the soil
permitted the drilling of free-standing holes, such as in Texas, California,
Colorado, Illinois, and some parts of Canada and England, where stiff clays
prevail to a considerable depth below the surface. These same areas
contributed most of the research done to date on the behavior of drilled
shafts in clays (Meyerhof and Murdock, 1953; Dubose, 1955; Whitaker and
Cooke, 1966; O'Neill and Reese, 1970). A comprehensive survey of the
research done on drilled shafts in stiff clays is presented by 0'Neill

and Reese, 1970.



Free-standing holes can be drilled in sandy soils above the water
table if the sand is cemented or is moist enough to develop shear strength
from capillary water pressures. However, few drilled shafts have been
built in such soils and there is little information available on the
behavior of drilled shafts cast in such soils.

The use of drilled shafts in free-standing soils offers evident
economical advantages over other types of foundations. However, the cost
of construction of drilled shafts can increase excessively when penetration
of water bearing sand and gravel layers is required. Until recently,
unstable layers were avoided and were only penetrated when bearing of the
shaft on an underlying competent layer was desired. The slurry displacement
method of construction has been employed recently in drilled shaft construction.
The layers of soil which formerly caved are maintained in place by the
slurry and these layers can be counted on for transfer of load by side
friction. This recent practice resulted primarily from individual efforts
of the drilling contractors who innovated several procedures to construct
drilled shafts in such soils. The drilling firms I.C.0.S. and Soletanche
developed and patented drilling equipment for the new procedures. Most of
the new methods of construction are still an art and considerable research
is needed to analyze and improve those methods. On the other hand, the
emergence of the new techniques brought forward new variables in the behavior
of drilled shafts and a comprehensive study is needed to assess the effects

of these variables.



Drilled shafts are also constructed in shales and weathered rock for
the purpose of developing a desired bearing capacity. The side friction
and tip resistance that can be developed in those soils has not yet been
evaluated.

Drilled shafts seated or anchored in rock penetrate very often layers
of expansive clays and there has not yet been proposed a comprehensive
analysis of shafts subjected to expansive pressures. Research on drilled

shafts is needed in the following areas:

1. The study of behavior of drilled shafts in granular soils,

2. The analysis and improvement of methods of construction,

3. The analysis of variables introduced by the different methods of
construction,

4, The study of behavior of drilled shafts in expansive clay
layers, and

5. The study of load transfer in very stiff shales and soft or

weathered rock.

Research in the areas listed above is considered of immediate
importance. As the state of the art concerning drilled shafts advances,
new areas of research will be exposed in both the areas of construction
and analysis of behavior. Examples of such future possibilities are a
study of shafts belled at more than one level and the chemical interaction

of concrete with clays of various mineralogical composition.



In the following section, some of the procedures used to construct
drilled shafts are described with a particular emphasis on the procedures
used in caving soils, This description covers only the general principles
of construction, and many details are left out. There are as many minor
modifications to these procedures as the existing number of drilled shafts

contractors.

METHODS OF CONSTRUCTION OF DRILLED SHAFTS

Before any of the methods of construction is described, a clarification
of the definition of ''drilled shafts'" is needed. The terms ''drilled shafts"
or ""drilled caissons' are applied to the type of deep foundation formed by
casting concrete in a hole drilled in the ground. A 'belled shaft" is a
drilled shaft that has an enlargement formed at its bottom. When steel
reinforcement is used in the concrete of the shaft it may consist of a
cage of steel bars, a rolled steel section, or an outer steel casing (shell).

The construction of drilled shafts, as known today, may be considered
to be the product of evolution of two types of deep foundations: caissons
and cast-in-situ piles. While the construction of drilled shafts has kept
some of the features of the construction of large caissons, several types
of cast-in-situ piles may be claimed to belong to the drilled shaft
category defined above. Nondisplacement, cast-in-situ piles constructed
by driving an open-end pipe pile, drilling the inner soil plug out, and

filling the hole with concrete deserve, in the opinion of the authors, the



appelation of '"drilled shafts' whether the steel casing is withdrawn from
the ground or not. The construction of certain types of cast-in-situ piles,
such as the Franki piles, requires the displacement of a volume of soil
equal to the volume of the pile. These piles, being basically displacement
piles, are eliminated from the drilled shaft designation. Some of the
literature classifies separately nondisplacement cast-in-situ piles and
drilled shafts. This separate classification is based on the idea that
more than one pile and a pile cap are employed to support one column load
while a drilled shaft is usually built coaxialiy with the loading column.
However, this difference in the terminology is not of any practical
engineering significance, and in this study no distinction shall be made
between the nondisplacement, cast-in-situ pile and the drilled shaft as
defined above.

Because the methods of construction have a primary influence on the
behavior of a drilled shaft, it seems appropriate to classify drilled
shafts by their various methods of construction. 1In this study, drilled

shafts shall be classified under two categories:

a. Shafts built by the dry process, where the drilling and the
concreting phases are executed in a dry hole,

b. Shafts built by the wet process, where either one or both of
the drilling or concreting phases are executed in a hole

containing a drilling fluid.



Different construction techniques are included in each of these
categories, and, therefore, a unique behavior of all the shafts under one
category cannot be expected.

Shafts Built by the Dry Process

Drilled shafts under this category are constructed without the use of
drilling fluid. The walls of the hole may be either free-standing or may

be supported by a steel casing.

1. Free standing holes: (Fig. 1.1). These holes may be drilled in
naturally stable soils such as stiff clays, cemented sands and silts, moist
sands above the water table, or in artificially stabilized soils. Stabili-
zation of caving sands may be achieved by a lowering of the water table or
by grouting, Bentonite grouts and chemical grouts are reported to have
been used successfully in stabilizing large masses of sand before drilling
and belling was achieved (Glossop and Greeves, 1946; Polivka, et al., 1957).
Grouting usually reduces the permeability enough to allow a completely dry
operation.

In some particular situations, a technique similar to that used in
installing sand drains is used in drilled shaft installation. A hollow-
stem, continuous flight auger is advanced in the ground to the full depth
of the drilled shaft and, as the auger is removed, cement grout is injected
through the stem to replace the removed soil,

2. Cased holes: (Fig. 1.2). When an unstable sand layer is under-
lain by a layer of clay, a casing may be driven by impact hammer or by a

vibrator through the sand layer and sealed in the impervious clay layer.
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The soil plug may then be drilled out by a drilling bucket, a helical
auger or a hammer grab. 1In certain situations the soil may be removed by
jetting and any accumulated water removed by a bailing bucket. Concrete
is then cast in the hole. The casing may or may not be withdrawn.

Dry construction is preferable whenever possible to wet construction
because the bottom of the hole may be cleared and inspected, and because
the danger of soil or concrete contamination by the drilling fluid is
eliminated.

Shafts Built by the Wet Process

. This procedure uses essentially water or a drilling mud (slurry) to
protect the walls of the drilled hole. 1In certain situations the slurry
may serve the purpose of carrying soil cuttings out when jetting, rotary,
or percussion drilling is used. In such instances, the mud is then
circulated through settling pits to free it from its suspended solids.

Steel casing may be used in conjunction with this process either to

overcome difficult drilling situations or to permit concreting in the dry.

1. Uncased holes: (Fig. 1.3). This method consists of drilling
the hole with the use of a drilling fluid, which is usually a bentonite
mud, and then casting tremie concrete to displace the mud. This method
shall be referred to in this study as the slurry displacement method and
shall receive a special treatment in the following chapter.

2. Cased holes: Situations where excessive groundwater pressure
exists which cannot be balanced by the mud pressure require the use of a

casing to protect the walls of the hole. The casing may then be driven,

11
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vibrated, or sunk by jetting in the soil. If the casing cannot be sealed
in a watertight formation, drilling mud or soil-water slurry may be used

to prevent '"blowing'" of the bottom of the hole. Tremie concrete is then
cast to displace the mud, while the casing is being withdrawn (Fig. 1.4).
In certain exceptional cases of large underground water flows, the casing
may be left in the ground to prevent intrusion of ground water or soil into
the concrete. The penetration of layers of gravel and large boulders may
be very difficult. The "Benoto" drilling procedure, designed to penetrate
such layers, makés use of horizontal oscillations and vertical jacking to
drive a thick walled casing while a hammer grab excavates the soil. When
large boulders are encountered, chisels or chopping buckets may be used

to open a way for the casing. The casing used in this process is very
expensive, and in the case of excessive groundwater flow, a thin metallic
skirt is inserted inside the casing, which is pulled out during concreting.

In certain cases where waterbearing, loose sand is encountered,
bentonite mud can be worked with a helical auger in the sand to form a
column of mud and sand through which the casing is inserted and the soil
augered thereafter. This procedure is commonly called the "mudding-in"
procedure.

Casings are also used in combination with the wet process where a
concreting operation in the dry is desired. 1In this process, a steel
casing is inserted in a hole stabilized by a drilling fluid and sealed in
an impervious clay layer. The fluid is then bailed out and drilling

continued in the dry if desired. After inspection of the bottom of the
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hole, concrete may be cast in the dry. The casing is removed (Fig. 1.5)
when the concrete has reached an appropriate level in the hole. This
method of construction is commonly used by drilling contractors in Texas.
A complete description of this method and a comprehensive analysis of the
behavior of shafts built by this method have been reported by 0'Neill and
Reese, 1970; Barker and Reese, 1970; and Welch and Reese, 1972. 1In the
absence of an impervious layer, chemicals may be injected to stabilize the

bottom of the hole and allow the sealing of the casing.

SCOPE OF THIS STUDY

This study is primarily concerned with the analysis of the behavior of
drilled shafts cast in sandy soils by the wet and the dry procedures and
without the use of a casing. The study is based on the analysis of the
results of axial load tests on five drilled shafts constructed in soil
profiles containing sandy soils., All the test shafts were instrumented at
different levels with '"Mustran" load cells developed at the Center for
Highway Research of The University of Texas at Austin (Barker and Reese,
1970).

In Live Oak County, Texas, two drilled shafts were cast using the dry
process in slightly cemented sands above the water table. In the Houston
area three other shafts were cast using the slurry displacement method in
sands below the water table., Several axial load tests to failure were

performed on each shaft. The instruments were read with a high speed
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digital recording system at each increment of load. The data were then

analyzed and interpreted to determine design factors related to the

behavior of shafts built by these procedures.

The study based on these tests will cover the following:

1.

A review and an analysis of the slurry displacement construction
method, based on available literature, field observations, and
laboratory tests.

An analysis of the behavior of drilled shafts constructed in
cohesionless soils.

A description of the soil investigations, including in situ soil
tests and laboratory tests,

A description of the instrumentation, installation and testing
of the drilled shafts.

A presentation of the results expressed in terms of load
settlement curves, load distribution curves, load transfer
curves, and correlations between the load transfer and the
measured properties of the soil..

Application of the results to future designs, and recommendations

for improvements in construction procedures,

17
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CHAPTER 1I. THE SLURRY DISPLACEMENT METHOD

HISTORICAL

The first use of water-based mud for drilling purposes is attributed
to the oil industry. Some of its first applications in civil engineering
were in the drilling of boreholes for soil exploration and as a lubricant
in the sinking of large caissons. The use of drilling muds in the con-
struction of bored piles did not start until the second quarter of this
century, when the development of mechanized drilling necessitated the use
of a fluid to support the walls of the hole during drilling. Previously,
this support was provided by a casing or by strutting in hand-drilled holes,

The construction by the slurry displacement method of bored piles
was first reported by the ITtalians (Veder, 1953). Piles constructed by
this method were not considered to constitute good bearing elements. It
was believed that debris at the bottom of the hole eliminated the tip
resistance and that the bentonite mud acted as a lubricant between the
shaft and the soil and destroyed the side friction. Furthermore, the
quality of the tremie concrete and of the bond between the reinforcing
steel and the concrete were not considered structurally dependable.
However, this first application of the slurry displacement method was the
start of the rapid development of techniques for the construction of
concrete diaphragms for cut-off walls that took place in the 1950's.
During that period, several special drilling machines, used in the

drilling of continuous slurry trenches, were designed and patented and in

19
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less than a decade a large number of concrete diaphragms were constructed
in Europe (Chadeisson, 196la). Much of this work was reported in several
papers at the International Conference on Soil Mechanics and Foundation
Engineering in Paris (Chadeisson, 196la; Barbedette and Beria, 1961; Edison
Group, et al., 1961).

The slurry displacement method continued to be used in the construction
of drilled shafts, but engineers remained very skeptical as to the bearing
capacity of such shafts. During the last decade, a number of axial load
tests on drilled shafts constructed by slurry displacement have been reported
(Chadeisson, 1961b; Burland, 1963; Fernandez-Renau, 1965; Komornik and
Wiseman, 1967; Hager, 1970; Farmer, et al., 1970). The reported performance
of these shafts was comparable and sometimes considerably better than that
of shafts constructed by conventional procedures, However, the behavior of
shafts constructed by the slurry displacement technique has received up to
the present little systemized analysis. The lack of such an analysis and
the complex nature of these deep foundations left civil engineers puzzled
as to the degree of confidence to be allotted to shafts constructed by
slurry displacement, It is one of the aiﬁs of this research to analyze

various aspects of the slurry displacement method,

THE DRILLING MUD

In the oil industry, drilling mud is the subject of a very specialized

study, and the problems encountered in deep well drilling are intricate,
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Some of these problems deal with the effects of high pressure, high
temperature, and prolonged periods of drilling on drilling mud and hole
stability. Such problems are practically nonexistent in the 'surface"
drilling required for slurry trenches and bored piles. This fact has led
engineers to believe that no special care should be taken with drilling
muds used for civil engineering purposes. Schneebeli (1971) reports the
words of an Italian engineer talking about mud: '"This is not a drilling
mud; this is dirty water." However, the collapse of boreholes and the
poor execution of drilled shafts remain common but unfortunate events on
drilling sites. Many such failures can be prevented by a minimal knowledge
of the basic principles of drilling muds. A brief and elementary report on
the behavior of drilling muds is, therefore, presented in the following
paragraphs.

The drilling mud used in the construction of bored piles is a water-

base mud that consists of three phases:

1. The liquid phase or water,
2. The colloidal fraction which is the reactive portion, and
3. The inert fraction which consists of sands, weighting material,

and other inert solids (API, 1969).

The colloidal fraction of clay consists of sub-microscopic particles that,
due to a charge deficiency in their molecular structure, generally carry
negative charges over most of their surface area (Fig. 2.la). This

property of clays and their ability to hydrate allow them, when added to
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fresh water, to increase the viscosity of water and to suspend inert solids
such as sands and silts. Bentonite, which is mainly composed of sodium
montmorillonite, is the principal source of drilling clays. Clays and
clay shales, encountered during drilling, are also used when they can be
conveniently mixed and dispersed.

In the construction of drilled shafts, the drilling mud serves the
main function of supporting the walls of the hole. 1In connection with this
function, the following properties of the drilling mud are of interest.

Wall Building and Filtration Control

Where a pervious unstable soil layer is penetrated and the pressure of
the drilling mud is higher than the pore pressure of the soil formation,
water tends to flow into the formation. This flow filters the mud and
causes the formation of an impervious mud ''cake" on the surface of the
hole. The cake prevents further flow of the mud and provides a sealing
membrane that allows the application of the mud pressure on the pervious
formation (Fig. 2.1c). A well dispersed clay allows the formation of a
thinner and a more impervious cake than that formed by a flocculated clay
(Fig. 2.1c). A cake does not usually form on clay layers because of their
low permeability and the small hydraulic gradient of the mud. This
hydraulic gradient may be greatly increased by an osmotic pressure created
when clay shales of a high salt concentration are penetrated. However, the
hydration of the shale causes its softening and sloughing before the mud

cake is formed.
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Viscosity

Viscosity may be termed as the resistance of a fluid to flow. Water-
base drilling muds usually exhibit the characteristics of a Binghamian
fluid (Fig. 2.2) having a threshold resistance (yield point) and a plastic
viscosity. The yield point is equivalent to the static shear strength of
the mud, a strength that develops from attractional forces between the
clay particles. While these forces are partially destroyed by stirring, the
thixotropic properties of clays allow the forces to build up again when the
mud is given time to rest. The plastic viscosity depends mainly on the
viscosity of the water and on the friction between the solid particles in
suspension. The two components of viscosity are practically independent.
While the addition of water reduces the plastic viscosity by reducing the
concentration of the solids, a chemical dispersing agent is required to
reduce the yield point by reducing the attraction between particles. If
the drilling fluid has no viscosity, cuttings would not be lifted nor would
solids remain in suspension. Therefore, the viscosity is a very important
property of drilling fluids.

Density

A 5% bentonite mud has a specific gravity of about 1.04 which may be
too small to prevent the collapse of the hole. However, the density of mud
can be greatly increased if silt, sand, and weighting material (Barite)
are in suspension in the mud. In the construction of foundations the
weighting of the mud for stability purposes is an extreme measure taken

when unusual artesian pressures are encountered or when arching is not



effective such as in drilling large diameter holes. Such weighting
procedures (density > 1.4) have been reported by DuGuid, et al. (1971)
in connection with the construction of slurry trenches.

0f all the mud properties mentioned above, the wall-building capacity
is the most important. This property is controlled by the following
chemical characteristics of the mud.

pH

A suspension of bentonite in fresh water produces a satisfactorily
dispersed alkaline solution having a pH of 8.0 or more. A lower pH
usually results in mud flocculation and the formation of a bulky, pervious
wall cake.

Hardness of Water

The presence of divalent magnesium and calcium ions in hard waters
reduces the dispersability of the mud. Excessive hardness is treated by
soda ash and, in the case where a calcium mud system is used, other
chemicals such as chrome lignosulfonate are added to disperse the mud.
Unlike other dispersive agents that disperse the mud by creating repulsive
charges, the chrome lignosulfonates improves the dispersion by physically
separating the clay particles (API, 1969).

Salt Concentration

Salt water is a very effective flocculent of bentonite muds.
Attapulgite clays are very successfully used in salt waters. However, in
certain cases, a bentonite mud premixed in fresh water may be used when

salt contamination is not excessive,
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Contamination

Contamination and flocculation of the mud can result from the penetration
of formations containing gypsum or lime, the use of contaminated water, and
the reuse of cement-contaminated mud from a previous construction. Regen-
eration of the mud or the use of a calcium mud system are two of the measures

to take when such contamination problems are encountered.

STABILITY OF THE HOLE

The sizes of drilled shafts range from a few inches to over ten feet in
diameter and from a few feet to over 100 feet in depth. The stability of
such holes depends greatly on the size of the hole, the formations
penetrated, the mud, and the drilling technique used,

Size of the Hole

The pressure required to keep a hole open is dependent on the diameter
of the shaft. 1In an infinitely large hole, the horizontal pressure required
to stabilize the walls of the hole is equal to the sum of the active earth

pressure and the hydrostatic pore pressure. As the diameter of the hole

decreases, this pressure is reduced by the ring-arching action. Approximate
solutions to this problem indicate that only a small fraction of the hydro-
static water pressure is required to stabilize the hole (Terzaghi, 1943).

As an example, a ten-foot-diameter hole in dry sand exerts at a depth of

100 feet a pressure of about 345 psf on the protecting casing. The pressures

in an average size hole (two to five feet) are considerably smaller.
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Soil Formation

A hole in clay with a small diameter cannot fail if the clay has a
finite shear strength (Terzaghi, 1943) and if the clay does not have ''quick"
properties. A hole in perfectly cohesionless sand cannot possibly stand
open because an element of sand at the surface of the hole does not possess
any shear strength. However, the presence even of weak, cementing calcareous
and siliceous bonds in natural sands and the existence of a thin mud cake
when drilling under mud reduce the earth pressure and make the stability
of the hole mainly dependent on the balancing of the hydrostatic pressure
of the ground water.

The collapse of holes in clay is usually due to a softening of the
clay by absorption of the water. 1In a dry hole, the water may be provided
by the ground water flowing into the hole, and in a wet hole, the water is
readily accessible from the mud. This softening process is greatly
accelerated in both cases by the existence of fissures.

Drilling Mud

The stabilizing effect of mud in the construction of slurry trenches
has been the subject of continuous, polehic debates since 1963 (Nash and
Jones, 1963; discussions by Veder, Jones, Morgenstern, 1963; Morgenstern
and Amir-Tahmasseb, 1965; Duguid, et al., 1971; Schneebeli, 1971)., A
discussion of these debates is not relevant to the stability of drilled
holes where the stresses have been proved to be very small and can be
balanced by a slightly weighted mud. The stability of holes drilled under

mud in expansive clays deserves, however, special attention. The
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softening of the clay by imbibition of water from the driling mud is known
to cause the collapse of a hole by a progressive action of softening and
sloughing that may be greatly accelerated by the existence of fissures.
This water imbibition is due to an osmotic pressure gradient resulting from
a different salt concentration between the mud and the pore fluid. On the
other hand the dispersibility and erodibility of a clay are a function of
the ratio of the exchangeable sodium ions to the total exchangeable ions in
the pore fluid (Sherard, 1972) and a function of the dispersive power and,
therefore, the alkalinity of the mud. When an erodible formation is
penetrated, a calcium mud is recommended. When a sodium mud is used, the
addition of lime and deflocculating agents is reported to result in a
successful performance (API, 1969). 1In certain situations a successful
operation may be achieved if the mud is kept at a minimum pH and the
drilling is done rapidly.

Drilling Techniques

The collapse of a hole may be triggered by poor drilling techniques.

Typical examples of this problem are:

a. The erosion of the soil in the hole at the level of the surface
of the mud due to the fluctuation of that surface., This problem
can be solved by use of a short, surface casing that contains the
fluctuating surface.

b. The suction of the hole resulting from a rapid extraction of the

drilling tool.
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c. The mechanical erosion resulting from the wobbling of the drilling

tool in a non-plumb hole or from careless, erratic drilling.

CONCRETING

An analytical, rigorous solution for the flow of concrete in the
slurry displacement method is quite complicated. In this section, the
factors affecting the flow are discussed for a better understanding of the
concreting procedure,

Size of the Tremie

Ideally, when using the tremie in placing concrete, the tremie is held
in place while the concrete is poured and the mud is displaced continuously,
Figure 2.3 shows a scheme of this concreting procedure at an intermediate
phase.

For this type of flow, the size of the tremie can be optimized to
obtain the most efficient flow conditions. In analyzing this problem it
shall be assumed that the flow is laminar and, therefore, that the head
losses are a linear function of the velocity of flow. 1In a section A4

of the hole (Fig. 2.3), the head losses can be divided into:

a, Head losses in the tremie:
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where

~
]

a constant which is a function of the roughness of the

tremie and the viscosity of the concrete,

<
i

average velocity of flow in the tremie,

rate of flow of the concrete.

L3
i

b. Head losses in the borehole:

by =X 23"
v, = e
2 2 2
n(D -d")
where
k2 = a constant which is a function of the roughness of the
tremie, the roughness of the walls of the borehole, and
the viscosity of the concrete,
V2 = average velocity of the flow in the borehole.

1f the roughness of the walls of the borehole is considered equivalent

to that of the tremie, the total head loss can be expressed as

4q, kAL - oD 3 53
- 3 . (g * 2
D> - (D-d)“ (D+d) -

Ah =
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Let n = g and rewrite this expression as
3
S R i N—
’ n -n -ntl
where
Mckﬁz
K=— 73
T D

For a hole having a certain diameter and a certain length the value of
n can be optimized for the minimum head loss. Figure 2.3b shows a plot of
Ah versus n which indicates that optimum flow conditions take place for a
diameter ratio D/d of 1.6. Due to oversimplifications in the analysis, the
true optimum ratio can fall anywhere between 1.4 and 1.8. Furthermore, the
effective diameter-of the borehole is significantly reduced by the existence
of the steel reinforcement and the thickness of the walls of the tremie,
As an example, a 12 to 1l4-in., tremie performs best in a 30-inch hole if the
effective diameter of the hole is considered to be about 22 in.

However, difficulties in sinking a large sealed tremie provide an
upper limit to the size of the tremie, and the drilling contractor does
not normally use tremies larger than 14 in. These difficulties may be
overcome by the weighting of the tremie, and in certain concreting
procedures the tremie may be sunk unsealed, in which case a plastic plug
(Palmer and Holland, 1966) is pushed down the tremie by the first charge

of concrete to prevent mixing of concrete and mud.



Characteristics of the Flow of the Concrete

An easy and vigorous flow of the concrete is desired in the slurry
displacement method to insure the scouring of the walls of the hole and
to prevent mud entrapment, The best concrete is, therefore, the most

fluid concrete that would satisfy the structural requirements. Such a
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concrete should preferably have the following constituents and properties:

Cement: 7 to 8 bags per cubic yard of concrete
Aggregates: round natural aggregates (<0.75 in.)
Slump: greater than 6 inches yet the concrete should not be

easily segregated

Entrained air: 4 to 5%

Plasticizers and retarders may be added but should not impair the
structural integrity of the concrete.

The ideal flow described above is inhibited when concrete is placed
in a small hole, with a poorly cleaned tremie, when a heavy mud is used,
and when the concrete is stiff. The concrete may not be able to flow
under normal hydraulic gradients and flow may have to be induced by
partial extraction of the tremie. The analysis of these non-ideal flow
conditions depends greatly on the value of the yield strength of the
fluid concrete (Binghamian yield), which has to be overcome before any
flow takes place, In the following section an approximate analysis of

non-ideal flow is suggested.
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Figures 2.4a and 2.4b show schematically free body diagrams of a
column of concrete during concreting. In these diagrams the following

notation is employed.

r = external radius of the tremie, in.;

r = radius to any point in the borehole, in,;

R = radius of the borehole, in.;

HC = height of concrete column from the bottom of the tremie to

the interface with the mud, in.;

P1 = hydrostatic pressure at the bottom of the tremie, psi;
P2 = hydrostatic pressure at the surface of the concrete column, psij;
W = pressure due to the weight of a concrete column, psi;
f0 = average vertical shear stress at the outerface of the

tremie, psi;
f = average vertical shear stress at any distance r in the

borehole, psi.

In this analysis it shall be assumed that the effects of arching in
the concrete are not significant and that, therefore, the hydraulic gradient
is constant throughout the concrete column. Figure 2.4c shows the free-
body diagram of a sectorial section of a unit height. The summation of

vertical forces on this section yields:

-
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where
i = hydraulic gradient,
Yo = unit weight of concrete, 1b/in3.
r
Let F, = f —2
1 or
1(r2 -r 2)
and F, = ———2— Y
2 2r c

Figure 2.4e shows the indepéndent plots of these functions. When the
shear stress fr exceeds the yield strength of the fluid concrete, a flow of
the concrete takes place. The plot of the function F1 shows that flow takes
place at the periphery of the tremie when the tremie is pulled upward.

Under these flow conditions, the concrete flows outward and away from the
tremie preventing any scour of the walls. In the case of an ideally
frictionless tremie, no force can develop at the walls of the tremie and

the shear stress in the concrete columm is given only by the function F2.
This case provides a better scour of the walls of the hole where the shear
stresses in the concrete are largest. When a significant hydraulic
gradient is used in conjunction with a rough surface tremie, the flow
tends to scour the walls of the tremie and of the borehole. However,

when "pumping' of the tremie is practiced the continuous motion of the
tremie reduces the thixotropic strength of the concrete around it and
forces the concrete to flow into paths in the immediate vicinity of the

tremie (Schneebeli, 1971), thus preventing the scour of the walls of the

hole.
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Quality of the Tremie Concreting

Good quality concrete can be obtained when the tremie-concreting
operation is performed properly. The essentials of good concreting
techniques have been presented by Palmer and Holland (1966) and by Barker
and Reese (1970). Some of the factors impairing the quality of tremie
concrete are discussed in this section.

The excellent curing conditions for concrete in soils below the water
table have been shown to give better concrete properties than common curing
procedures (Veder, 1969). However, tremie concreting presents the danger
of contamination of the concrete by the drilling mud if improper techniques
are used. Mud entrapment in the concrete has been observed to take place

in the following circumstances:

1. When a steel reinforcing cage is used which unduly restricts the
upward flow of the concrete (the excessive horizontal reinforce-
ment can be particularly detrimental to the flow).

2, When a flocculated or poorly mixed, heavy mud is used.

Furthermore, chances for the entrapment of mud are increased when the
concrete flow is assisted by the "pumping" of the tremie. As the cement=-
coated tremie comes out of the concrete, mud flocculates on contact with
cement and coats the surface of the tremie. This coat of mud is easily
trapped in the concrete when the tremie is lowered again. Such contamination
has not been observed to impair significantly the quality of the concrete;

however, serious contamination due to the "pumping' of the tremie takes
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place when the tip of the tremie gets close to the surface of the concrete.
A significantly increased velocity of flow of the concrete could then
occur, causing considerable turbulence at the concrete-mud interface and
resulting in the entrapment of mud and sediments in the "whirl." Recommended
minimum values for the embedment of the tip of the tremie have ranged from
5m (Komornik and Wiseman, 1967) to 0.5m (Jezequel, 1971). It is believed
that the embedment of the tremie should be a function of the diameter of
the tremie, the diameter of the hole, and the pressure in the concrete at
the end of the tremie. Assessment of the optimum embedment by means of
analysis is not possible at present. It is believed that a value of about
1.5m (5 ft) is a reasonable value for average size shafts (30-in hole and
12 -in tremie).

The collapse of the walls of the hole and the falling of surface debris
may cause contamination of the concrete, and as mentioned previously the
construction techniques which are employed should be selected to minimize
the amount of extra soil in the hole.

The quality of the bond between the concrete and the steel reinforcement
is a matter of concern (Sadlier and Dominioni, 1963; Cole, 1963). Recently,
pull-out tests were conducted by personnel of the Texas Highway Department
(H. D. Butler, 1972) on the steel of an extracted shaft, which had been
constructed by slurry displacement, and on laboratory specimens cast under
mud to simulate tremie concreting. The results of these tests indicated
a significant drop in the bond resistance of smooth steel bars and a

negligible drop in the bond resistance of deformed bars. These results
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are in agreement with the results of tests reported by Cole (1963). The
influence of a thin coating of bentonite is minimal because the bond
resistance of a deformed bar is mainly mechanical. It should, however, be
emphasized that the bond may be greatly reduced when flocculated lumps of
mud are entrapped on the steel, and every measure should be taken to
prevent such mud entrapment. The horizontal reinforcement, consisting
usually of mild steel (spiralsg) and being the most liable to mud entrapment,

constitutes a vulnerable place for a bond failure.

BEARING CAPACITY CONSIDERATIONS

Conditions at the Tip of the Shaft

When the drilling of the hole is completed, a drilling bucket is
usually used to remove loose debris and to form a flat bottom to the hole.
The steel reinforcement is then introduced. When reinforcement is used over
the full length of the shaft, concrete chairs are attached at the bottom of
the cage to prevent the sinking of the cage. A temporarily sealed tremie
is then introduced. During these operations, sediments suspended in the
mud and debris falling from the surface collect and mix at the bottom of
the hole. The natural soil at the bottom of the hole is disturbed by the
placing of the steel and of the tremie. After the first charge of concrete,
the tremie is lifted and the seal is broken. Fig. 2.5a describes these steps
and shows the tip conditions which are obtained when the tremie is sealed
by a wood block and a plastic sheet, The entrapment at the bottom of

sediments may result in the formation of a pointed tip of the shaft. The
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use of the type of seal shown in Fig. 2.5a is not recommended in shafts
greatly depending for their bearing capacity on the tip resistance. For
such shafts a better seal should be devised. Possible improved seals are
a water tight flap gate hinged at two points or a tapered solid seal (Fig.
2.5b). These two types of seals take advantage of the fact that the first
charge of concrete flows under the highest gradient and its initial surge
can be used advantageously to remove the bottom sediments (Jezequel, 1971).
Also, for better washing action the tremie size should be optimum as
suggested by the analysis in a previous section.

Soil-Concrete Interface

The nature and the characteristics of the interface between the concrete
and the soil have a decisive influence on the load transfer of drilled
shafts. 1In shafts constructed by slurry displacement the phenomena
described in the following paragraphs are postulated to take place during
the formation of the interface over the total depth of the shaft.

Figure 2.5 shows what are believed to be the conditions of the inter-
face near the tip of the shaft, The heavy sediments at the bottom of the
shaft, if given the chance to be lifted b§ the first turbulent flow of the
concrete, may be trapped on the walls of the shaft, &t a distance extending
probably to one diameter from the tip of the shaft.

The filtration of the mud into granular layers causes the formation
of a mud cake on the surface of those layers. The thickness of the cake
depends on the rate of loss of water, which in turn depends on the grain

size distribution of the soil, on the mud head applied, and on the
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characteristics of the mud in use., When a well-dispersed mud is used in
drilling through fine sands, the thickness of the cake may be in the order
of 1/16 inch. When a flocculated mud loaded with sand is used in drilling
through a course granular formation, a cake in the order of 1 inch thick
or more may build up. Veder (1963) also showed that the thickness of the
cake is a function of an electrical current which occurs between the mud
and the native soil. The magnitude of this current and, therefore, the
thickness of the cake are dependent on the chemistry of both the mud and
the soil formation.

The vertical travel of the auger in the hole is coupled with a hori-
zontal wobbling which has the effect of mechanically eroding the soil
formation at certain places, scraping the cake at others, and probably
depositing a coating of mud and soil at yet other places. Furthermore, if
the mud is heavily charged with sand, during the concreting process,
sediments from the mud collect on the surface of the concrete. When the
concrete is forced by the upward motion of the tremie to flow outward from
the tremie (Fig. 2.4d), the sediments are trapped between the concrete and
the walls of the hole (Fig. 2.6a). The sédiments, usually consisting of
sand, squeeze into the mud-soil cake already existing on the walls of the
hole. This coating is usually softer than the cement paste and the concrete
aggregates in turn squeeze into the coating and may also engage the soil
formation, resulting in a rough concrete surface (Fig. 2.6b). When the
mud cake is absent, and the concrete is cast against a relatively stiff
soil formation, the surface of the concrete has been observed to be as

smooth as when cast against a rigid formwork (Fig. 2.6c).
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Penetration of the Mud in the Soil

Various studies on the drilling of bored piles attribute the stability
of the hole to the penetration of the thixotropic mud into the granular
soil formation (Veder, 1953; McKinney and Gray, 1963; Elson, reported by
Florentin, 1969). While drilling muds may penetrate several feet into
layers of gravels and pebbles, their penetration into fine sand is insig-
nificant. Laboratory tests conducted by the author to study the penetration
of a 5% bentonite into Ottawa sands of different sizes and having uniformity
coefficients of one are reported in Fig. 2.7. Similar tests, conducted
on a fine sand having uniformity coefficients of 1.5 to 2.0, showed no
measurable penetration even at high pressures. Studies of the grouting
of granular materials (King and Bush, 1961) suggested, based on field
results, two criteria limiting the gradation of grouts with respect to that

of soils:

D of grouted soil

15
a. > 15
D85 of grout
D of grouted soil
10
b. D of grout > 8
90 °* 8

Certain authors even recommend for the first criterion a ratio as high
as 20 to 30 to obtain a grout which will flow into the soil formation.
Considering the fine sand used in the laboratory penetration tests, which

had a D of 0.1 mm, the first criterion would require a D

15 of the grout

85

smaller than about 5 microns. This criterion is not usually satisfied in
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commercial bentonite. In the drilling of a borehole, the mud is usually
charged with silts and sands and its penetration into layers finer than a
medium sand is almost impossible. The effects of mud penetration into

coarse grained soils are not yet well understood.

STRESSES IN THE SOIL

The opening of a hole in the ground results in a relief of horizontal
stresses near the hole. Overconsolidated soils have a coefficient of earth
pressure at rest that is significantly greater than 0.5 (Hendron, 1963).

To restore the original horizontal stresses in such soils by the imposition
of hydrostatic stresses from mud or concrete is impossible. This relief

of horizontal stress is usually coupled with a strain in the soil that may
result in the opening of fissures in clay and in the destruction of cementing
bonds in sand. Therefore, the magnitude of the stress relief can influence
significantly changes in the properties of the soil. The stress relief in
the slurry displacement method is considerably smaller than that which occurs
in most conventional drilling methods.

Lateral pressures between the concrete and the soil have a decisive
influence on the load transfer of the shaft. Studies on the pressure
developed on the formwork of a concrete column indicate that this pressure
reaches an ultimate value for heights of concrete greater than a certain
critical value (Peurifoy, 1965). The existence of an upper limit to this

pressure has been attributed to the setting and the arching of the concrete.
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In concreting under mud, the pressures in the concrete are at least equal
to the pressure of the column of mud above it., Furthermore, when the
concrete is allowed to flow in large diameter holes without the "pumping"
of the tremie, and when the tip of the tremie is close to the bottom of the
shaft, the pressure in the concrete may be larger than the hydrostatic
pressure of a column of concrete. 1In Fig, 2.8 the pressure at a point A

at the bottom of the shaft is given by the following expressions:

a. Wet concreting:

Cqsh

c
hc Yc + hm Ym + A

L)
[

Ph = Pv - 2qs

b. Dry concreting:

Cq h
P =h . 5 €
v c Ye A
Ph - Pv B zqs
where
PV = vertical pressure at point A, psi;
Ph = horizontal pressure at point A, psi;

unit weight of concrete, 1b/in3;

<
[¢]
i
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h = height of column of concrete, in;

h = height of column of mud, in;

Y = unit weight of mud, 1b/in3;

C = circumference of the shaft, in;

q = shear stress developed on the periphery of the shaft;
= shear strength of the plastic concrete, psi

. . 2
A = cross sectional area of the shaft, in

The side shear forces developed on the periphery of the concrete
column may be locked in the concrete when concreting is completed due to
a combined action of setting and arching. These forces result in a
pressure in excess of the hydrostatic pressure when concreting is completed

under mud.
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CHAPTER III. THE ANALYSIS OF DRILLED SHAFTS
BEARING CAPACITY THEORIES

The ultimate bearing capacity Q of a deep foundation is conventionally
considered as the sum of the resistances to penetration QS and Qt developed
respectively by the sides and the tip of the foundation element, Fig. 3.1.
The following sections offer a brief discussion of each one of these
components.

Tip Resistance

The theories proposed for the evaluation of the tip resistance of a
deep foundation are based on two main approaches. The first approach
considers the soil at the tip of the foundation as a rigid plastic
incompressible material and evaluates the force required to bring the soil
inside a logarithmic spiral failure surface into a plastic state, using
an extension of the solution originally derived for shallow footings
(Terzaghi, 1943; Meyerhof, 1951; Vesié, 1963), Fig. 3.la. The principal
difficulty encountered in the use of the logarithmic spiral to compute
bearing capacity is the selection of the shape and dimensions of the
failure surface. The computations of various investigators are based on
failure surfaces of different dimensions and, hence, the results obtained
have been greatly different (Vesié, 1965).

The second approach to the evaluation of the tip resistance of a deep
foundation equates the problem of the penetration of the tip of the founda-
tion to that of the expansion of a spherical cavity inside a semi-infinite,

elasto-plastic medium (Skempton, et al,, 1953, after Vesié, 1965; Ladanyi,
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1961; Vesié, 1972). 1In this approach the elastic properties of the soil
(Young's modulus and Poisson's ratio) are introduced as variables in the
expression for the ultimate tip resistance.

The ultimate bearing capacity of a circular deep foundation on cohesion-

less soil is expressed by theories from the first approach as

Q. - _

qt=K;=§Y'B.Ny+qO.Nq+YW.dw'...'.' 3.1
where

q, = ultimate average tip pressure,

At = cross-sectional area of the tip,

; = average effective unit weight of the soil around the tip,

B = diameter of the tip,

Eo = effective pressure in the soil at the level of the tip,

Yy = unit weight of ground water,

dW = height of the water level above the tip,

Ny’ Nq = bearing capacity coefficients related respectively to

the weight of the soil inside the failure zone and the

effective pressure Es.

it has been found convenient in the analysis of deep foundations to

express Equation 3.1 in the following form:

qt = N’ L4 q * s 2 8 2 s v a2 e + s+ & s » & %= s a2 a o+ @ ¢ (3.2)
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where

N'q = a factor combining the effects of Nq and N

The values of N'q given for deep foundations by the different theories
differ extremely (Vesié, 1967). Experimental studies of bearing capacity
have met only with partial success mainly due to the scale effects in
laboratory model tests and due to the heterogeneity of natural deposits in
full-scale field tests. It is not the purpose of this study to discuss the
merits and the drawbacks of the different theories, vet in the following
sections the factors influencing the values of N'q shall be discussed in
the light of the findings of research conducted during the last decade.

Angle of Shearing Resistance. The extent of the failure surface and

therefore, the magnitude of N'q depend on the friction angle ¢ of the sand.

The Mohr envelope for a given sand is curved for low and moderately high
pressures (< 50 kg/cmz) but at higher pressures tends to become a straight line
that is only a function of the composition of the sand. At stresses less

than those which cause crushing (about 10 kg!cmz) the value of ¢ is a

function of the relative density of the sand and has been expressed by

various authors (Caquot and Kérisel, 1949; Vesié, 1963) as

¢ = tan 1 D )

where
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¥ = constant of the particular sand and includes the effects of
factors other than the density and the stress level,
e = initial void ratio of the sand.

Compressibility of the Sand. The influence of the compressibility of

sand on the ultimate bearing capacity of the tip of deep foundations may be
as important or more important than the friction angle of the soil. This
conclusion can be made from the analysis of the expansion of a sphere in a
semi-infinite medium. The analysis shows that the limit pressure that can
be applied to the sphere is a function of the modulus of elasticity of the
soil and of the Poisson's ratio (Kérisel, 1964; Vesid, 1965, 1972). Vesid
(1965) showed that the tip resistance depends strongly on the stiffness

index Ir which he defined as

B E
r  (1+) (c+q tan A)

I T < Y

where
E = the initial tangent modulus,
v = Poisson's ratio,
¢ = cohesion of the soil,
q = confining pressure.

Recent studies on the compressibility of sand (Seed and Lee, 1967; Vesié

and Clough, 1968)>have shown that
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1. Significant crushing of the sand grains and consequently significant
compression takes place at confining pressures larger than 10 kg/cmz.
The magnitude of the compression is a function of the original
density of the sand.

2. Dilation of sand takes place only when the sand is sheared at
pressures below a certain critical value which ranges between 10
and 100 kg/cmz.

3. The modulus of deformation E increases approximately as the 1/2
power of the mean normal stress in the low pressure range (0 - 10
kg/cmz) and approximately as the 1/3 power in the elevated pressure
range (10 - 100 kg/cmz). Finally, beyond a certain critical mean
pressure the sand behaves as a linearly deformable solid with the
modulus of deformation E being proportional to the mean normal

stress.

The influence of other factors on the compressibility of sand has not
yet received much attention. The mineralogical composition of the sand
exerts a considerable influence on its compressibility. The most common
minerals in sand deposits are quartz, feldspar, and hornblend. These
minerals have a hardness ranging between 5 and 7 on the Moh's scale.
However, the existence of large deposits of sands composed of carbonate
minerals is also common (Libyan sand, Lambe and Whitman, 1969). The
carbonate sands result commonly from the accumulation under water of

marine life shells or from the deposition of carbonates dissolved in
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acidic rain water. The deposition of these carbonates in loose sediments
causes a cementation of the sand grains and may prevent further consolida-
tion under later deposition of sediments.

The angularity, texture, and size of the individual grains also
influence the compressibility of sand. Sand grains that are large and
angular and with a rough surface tend to crush and, therefore, compress
more than grains that are small, round, and smooth,

Method of Installation of the Foundation. The method of installation

of the pile influences the ultimate tip resistance because the method of
installation affects the relative density of the sand and also affects the
stresses in the sand, 1In a driven pile a zone of highly densified sand is
formed in the immediate vicinity of the tip (Berezantzev, et al., 1957, 1961;
Robinsky and Morrison, 1964), while loosening of the sand at the bottom of
the hole may take place when installing a bored pile, The loosening of

the sand at the bottom of a drilled hole can result from the release of
stress and from possible seepage into the hole. Furthermore, when poor
construction techniques are used in drilling the hole for a drilled shaft,
loose soils may be left at the bottom of ﬁhe hole as a result of the careless
cleaning of the hole, the sloughing of the walls of the hole, the deposition
of sediments suspended in the drilling mud, and the entrainment in the hole
of surface debris (Reese and Touma, 1972). The existence of very compressible

material at the bottom of a drilled hole usually results in a smaller tip

resistance for drilled shafts than for driven piles.
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The Dimensions of the Foundation. The influence of the dimensions of

the pile on the ultimate tip resistance is a complex function of the two
factors emphasized above, namely, the friction angle and the compressibility
of the sand. At shallow depths, sand of medium to high density can be
treated as an incompressible material and the general shear failure theorized
by Terzaghi and Meyerhof can take place. For a general shear failure the
bearing capacity factor N'q increases with the depth and with the diameter
of the foundation. This increase is linear to a certain depth, beyond which
the effects of a reduced friction angle (due to a curved Mohr envelope) and
an increased compressibility (due to higher confining pressures) cause a
reduction in the rate of increase of N'q with depth (Kérisel, 1961; De Beer,
1963; Vesié, 1963). Furthermore, the contribution of the weight term NY

is relatively reduced with depth and consequently the influence of the
diameter on the ultimate unit tip bearing capacity becomes negligible.

De Beer (1963) used Meyerhof's theory to prove that for a dense sand the
value of N'q decreases with depth beyond a critical depth of about twenty
diameters.

Experimental data on model and full-scale piles (Kérisel, 1961; Vesié,
1963) indicate that the ultimate resistance of the tip increases with depth
and tends asymptotically to a limiting value at a critical depth varying
between ten diameters for loose sand and twenty diameters for dense sand.
Figure 3.2 presents measured values of the ultimate tip resistance of piles
jacked in sand as a function of the size and the depth of the piles, and

the density of the sand. The tendency of the bearing capacity to become
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a constant has been explained (Kérisel, 1961, 1964; Vesié, 1963) by the fact
that only '"punching failure'" can take place at great depths as a result of
the compressibility of the sand, The compression of the sand, followed by
an arching of the sand around the tip of the foundation, has the effect

of reducing the vertical pressure E; at that level to a constant value which
is independent of the depth of the foundation. The constant ultimate tip
resistance q, was given by Vesié (1971), as a function of the relative

density Dr’ in the following equations:

3
4(10y2°% D, (Driven Piles) . . . . « « . . . . (3.5

9

3
1.5010)%°* P (Drilled Shafts) . . . . . . ... (3.6

9

However, the practical application of these expressions, presented as an
exponential function of the relative density, is limited by the capability
to evaluate the relative density of natural sand deposits. A small change
in the relative density influences significantly, at high densities, the
values of the tip resistance evaluated from these expressions. It must
further be mentioned that since compressibility is the major property of the
soil controlling the tip resistance, q, cannot be expressed as a function
of the relative density only.

The Side Resistance

The side resistance of a pile in sand is conventionally expressed as
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=Py EAN § v v« 4 e e e e e e e e e e e e e e . (3.7
where
q = unit peak load transfer at a point on the surface of the
s

pile,

;v = effective vertical pressure at a point on the surface of the
pile,
P

KS = — = coefficient of earth pressure,
Py

& = angle of shear resistance between the soil and the pile
material,

Eh = effective horizontal pressure at a point on the surface of

the pile,

The terms of this expression are unknown functions of several variables,
such as the type, density, and stress history of the soil; the dimensions,
geometry, and method of installation of the pile; the strain in the soil;
and the depth below the surface of the point in consideration. The following
paragraphs present a discussion of these terms and the findings of recent

work.
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The Earth Pressure., The average value of the effective vertical

pressure E& at a point in a semi-infinite mass of soil is equal to the
effective overburden pressure of the soil. The insertion of the pile
changes the value of ;; in the vicinity of the pile in an unknown manner.
In regard to stress changes, the expansion of a cylindrical cavity at great
depth in an infinite medium (Ladanyi, 1963; Vesié, 1972) has been used to
simulate the driving of a pile. There are a number of obvious differences
between the process of driving a pile and that of expanding a cavity; how-
ever, the equations derived by ladanyi and Vesié are useful in developing
additional understanding of the effects of pile driving.

The changes of stresses generated by the construction of a drilled
shaft are discussed in a subsequent section.

The Coefficient of Earth Pressure., 1In linearly elastic materials the

coefficient of earth pressure at rest Ko is given by

-
Ky S To0 v v e e e e e (3.8)

where

v = Poisson's ratio

In sands the value of K0 is dependent on the type of sand, its relative
density, and the overconsolidation ratio. Experimental studies have shown
that for normally consolidated sands reasonable values of KO are given by

the following expression (Jaky, 1944, after Henkel, 1970):
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Ky = 1 - sin ¢

Jaky's expression yields values of Ko between 0.4 and 0.5. The expfession
does not apply to overconsolidated sand; Hendron (1963) has shown that Ko
can be as high as 2.5 for high overconsolidation ratios.

While the earth pressure at rest is an important parameter related to
the earth pressure which will exist at the installed pile, the method of
installation is also of critical importance. The installation of the pile
causes highly complex strains and the coefficient of earth pressure KS
becomes an indeterminate function of the dimensions of the pile and the
depth below the ground surface. Attempts to measure the horizontal pressures
on bored piles (Kérisel, 1957; Reese, et al., 1968) and on driven piles
(Reese and Seed, 1955; Koizumi, et al., 1971) have met with little success.
The failure to obtain reliable data on horizontal pressures is due
principally to the technical limitations of the pressure cells. Furthermore,
there is the physical problem of installing the large number of cells
required to reasonably portray an average pattern of stress distribution
that may be greatly affected by localized stresses. Indirect measurements
of KS have been deduced from load tests on model and full-scale piles by
measuring the side friction and by assuming a vertical pressure equal to
the overburden pressure. The values of KS reported from such measurements
vary between 0.2 and 3.0 for driven piles (Meyerhof, 1956; Ireland, 1957;
Mansur and Hunter, 1970) and between 0.3 and 0.5 for bored piles (Martins,

1963; De Beer, 1964). This large scatter in the results may be due to
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errors in the theories of skin friction and in the experimental measurements,
and to the complex nature of KS.

Mazurkiewicz (1968) summarizes the values of KS obtained from theoretical
considerations. The scatter of the theoretical values is similar to that
observed in the experimental ones. However, for bored piles there seems to
be a general agreement that KS will assume values limited between the
coefficient of active earth pressure and the coefficient of earth pressure
at rest,

The Angle of Shear Resistance §. The angle of shear resistance §

between the concrete and the soil has been found to be, in the case of sand,
practically equal to the friction angle ¢ of the sand (Potyondy, 1961).
The value of the friction angle ¢ is, as discussed in previous paragraphs,
mainly dependent on the relative density of the sand. The changes in the
density of the sand surrounding the pile are a function of the method of
installation of the pile. Robinsky and Morrison (1964) have shown for a
driven pile that, although the displaced volume of sand increases the
density of the sand surrounding the pile, the vertical motion of the pile
forces the stretching and consequently the loosening of the sand at the
periphery of the pile. 1In bored piles the relief of stresses resulting
from the boring of the hole causes a loosening of the sand. The amount of
loosening is a function of the drilling and concreting procedures which
are used.

The difficulty of evaluating independently the terms of Eq. 3.9 led

some researchers to investigate only the average skin friction developed
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at the periphery of the pile. The average skin friction was found to in-
crease almost linearly with depth and to tend beyond a certain critical depth
to a constant value, which is a function only of the original relative density
of the sand (Vesié, 1963, 1965, 1970; Rérisel, 1961, 1964). The critical
depth varies from ten diameters in loose sand to twenty diameters in dense
sand. The value of the constant average skin friction was found from

empirical measurements to be given by

1.5 D 4
0.08(10) r (Driven Piles) . . . . . . . . . (3.9

(o]
il

4
0.025(10)1*” Dy (Drilled Shafts) (Vesié, 1970) . (3.10)

o]
Il

The limitations to the practical application of these expressions are
the same as those discussed in a previous section for similar expressions

for the tip resistance of piles.

THE LOAD-SETTLEMENT CURVE

The bearing capacity of drilled shafts is usually determined from
either a static formula that relates the ultimate tip and side resistances
of the shaft to the shear strength of the soil or from an experimental
load-settlement curve, with the ultimate load being selected by one of a
number of empirical graphical procedures (Chellis, 1961). 1In friction
piles the ultimate load is attained at relatively small downward displace-

ments of the pile; therefore, the amount of settlement at the ultimate
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load is a matter of little concern. Experience with load tests on drilled
shafts in sand that obtain their support principally in point bearing has
indicated that the load-settlement relationship follows a long sweeping
curve that tends asymptotically to an ultimate value at excessively large
settlements as shown in Fig. 3.3 (Brezantzev, 1961; Vesié, 1963; Kérisel,
1964; Koizumi, et al., 1971). Some of the load-settlement curves reported
in this study are similar to the lower curve shown in Fig. 3.3. For such
piles the settlement can be a matter of great concern and the safe load

can only be determined by taking into account the tolerance of the supported
structure to total or differential settlement.

A pile normally constitutes an element in a complex two- or three-
dimensional structure such as a bridge bent or a drilling platform. 1In
some such structures there is continuity between the piles and the super-
structure and the analysis to determine reactions and moments at the top of
the piles requires the solution of simultaneous equations of compatibility
and equilibrium (Reese, et al., 1970; Awoshika and Reese, 1971). Load-
settlement curves are essential to such analyses. The development of
load-settlement curves for bored piles is, therefore, very useful in the
design of a pile-structure system. The cost of field load tests suggests
the need for analytical procedures to allow the computation of load-
settlement curves from a knowledge of the properties of the soil and of
the pile. One procedure suggested by Reese (1964) uses a model (Fig. 3.4)
in which the pile is divided into a number of deformable elements and the

soil is replaced by mechanisms. When the load-deformation properties of
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the mechanisms are known, the analysis of the model can be easily computer-
ized to obtain the load-settlement curve (Coyle and Reese, 1968; Vijayvergiya
and Reese, 1969).

Procedures to obtain the load-deformation properties of the mechanisms
for piles in clay have been developed (Coyle and Reese, 1968; Barker and
Reese, 1970; 0'Neill and Reese, 1971). Coyle and Sulaiman (1969) recommended
procedures, based on a field test and on laboratory model tests, for
developing load transfer versus pile settlement curves for sands. Parker
and Reese (1970) correlated the measured load transfer curves on buried
model piles in sands with stress-strain curves obtained from triaxial tests.

The data presented by the above mentioned authors and by vesié (1963)
indicate that the values of displacement required to mobilize the side
friction in buried and driven piles in sand vary between 0.02 and 0.5 in.
The reasons for this wide scatter are not yet well known. It is believed
that the load-deformation properties of a point on the periphery of a pile
in sand are a complex function of the relative density of the sand, the
overburden pressure, the relative depth of the point, the diameter of the
pile, the arrangement of the soil layers, and the tip resistance.

The load-deformation curve for the mechanism at the tip of a pile is
conventionally given by an expression cimilar to the one suggested by
Mindlin (1936) for the settlement under a force in a semi-infinite elastic

medium, This expression is typically written as

Iw B . o o v v v i e e e e s e e e e e e . (301D
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where
w = settlement of the tip of the pile, ft;
Iw = gsettlement factor;
B = diameter of the pile, ft;

9. = tip pressure, tsf;
E = modulus of elasticity of the sand, tsf;

v = Poisson's ratio of the sand.

Vesié (1970) defined empirically a similar expression:

CcQt
w=——12——....................(3.12)
(1+Dr ) Bqt

where

Qt = load at the tip, tons;

B = diameter of the pile, ft;

D = relative density of the sand;

q, = ultimate tip pressure, tsf;

C = a coefficient of settlement that varies from 0.04 for

driven piles to 0,18 for buried piles.

Expression 3.12 must be used in conjunction with the ultimate values of tip

resistance 9, given by Vesié (1970). The coefficient of settlement Cw for
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buried piles was obtained by Vesié from tests on model footings and its

application to full sized bored piles is of questionable value.

ANALYSIS OF THE STRESS AROUND A DRILLED SHAFT

This section describes qualitatively the state of stress in the soil
surrounding the shaft as influenced by the drilling of the hole, the place-
ment and the curing of the concrete, and the loading of the shaft.

Drilling of the Hole

The analysis of the stresses generated in the vicinity of a hole drilled
in sand is complicated and depends greatly on the method of construction.
Approximate closed-form solutions of the problems of a lined hole in sand
have been suggested by Westergaard (1940) and Terzaghi (1943). A general
solution to take care of layered systems of variable densities and variable
coefficients of earth pressure has not yet been proposed. It is believed
that a solution by finite elements may offer some very useful insight into
this problem if the constitutive relationships of the natural sand can be
formulated properly.

A radial element of sand on the periphery of a hole is subjected to a
radial stress g, a tangential stress Og> and a vertical stress g, as
shown in Fig. 3.5a. The shear stress ez is of significant value only in
large diameter holes (Westergaard, 1940), and if this stress is neglected
in small diameter drilled shafts the radial stress becomes a major principal
stress causing failure of the elements to take place along horizontal

planes instead of along vertical planes as is the case in large diameter
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holes. If the analysis is limited to small diameter holes, the radial and
tangential stresses can be considered as the minor and major stresses,
respectively. Figure 3.5c represents what is believed to be the pattern of
variation of the principal stresses on the periphery of the shaft. When the
hole is drilled under mud, the value of the radial stress drops from the
horizontal pressure at rest (Ko cz) to the pressure provided by the drilling
fluid. When the hole is opened without the use of slurry, the radial stress
at the wall of the hole is reduced to zero, and the sand must possess an
apparent cohesion to keep the sand from sloughing, A zone of soil at the
plastic state develops on the periphery of the hole when drilling is done
without slurry. 1In wet drilling the plastification of the soil is a function
of the radial pressure of the mud and of the shear strength of the soil.

The extent of this zone and its effects on the properties of the soil are
not well understood. It is believed that the flow of the sand at the
periphery of the open hole loosens fhe sand and may partially destroy any
cementing bonds (carbonaceous or siliceous) between the grains. Figure 3.5b
shows the effective radial pressure distribution required to stabilize the
hole and the effective hydrostatic pressute of the mud. Near the ground
surface the pressure of the mud may not be enough to prevent the sloughing
of the soil, and a short casing may be required. At greater depths, the
required stabilizing pressure becomes almost constant and the excess

hydrostatic pressure of the mud reduces the extent of the plastified zone.



Concreting

The vertical and radial pressures at a point in the freshly poured
concrete column depend on several factors. Some of these factors are the
rate of placement, the temperature, and the consistency of the concrete;
the size of the hole; the depth of the point under consideration; and the
method of construction. The full effects of these factors are not known.
The findings of Rodin in 1952 (After Courtois, 1966) and Peurifoy (1965)
and the recommendations given in the ACI code on the pressure of concrete

on formwork agree on the following points:

1. The maximum lateral pressure of the concrete on formwork may be

computed fairly closely by the following expression:

R
Ph=150+900T—c (ACT) v v v v e e e e e L (3.13)
where
Ph = concrete pressure, psf;
Rc = rate of rise of concrete in the formwork, ft/hr;
T = temperature of the concrete, °F,

The value of Ph is limited by the smaller value of 3000 psf or
150 times the maximum height of fresh concrete in the forms.

2. The concrete pressure at a point increases with the rise of the

column of concrete until a critical wvalue Hm is reached and

73
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remains constant or possibly drops for greater heights. The

critical height Hm is given by Rodin as

1/3
Hm = Ct Rc T € A TS
where
Ct = a function related to the temperature of the concrete.

The above mentioned research has been limited to rates of placement
smaller than 10 ft/hr. Such rates of placement are common in the construction
of concrete walls, Much higher rates may be experienced in the construction
of drilled shafts (30-40 ft/hr) and higher pressures than the upper limit
specified above may be exerted. Higher concrete pressures are also expected
to result from concreting under mud than from dry concreting as the pressure
in the former case is at any time at least equal to the pressure of a
column of mud. The size of the hole and the consistency of the fluid
concrete control the arching of the concrete and, therefore, the pressure
in the hole. Figures 3.6a and 3.6b show the probable stress profiles
immediately after concreting for both dry and wet concreting. Figure 3.6¢c
shows the forms of the patterns of stress distribution in the soil surrounding
the hole.

Volumetric Strains in the Concrete

After casting, the concrete incurs volumetric strains as a result of

curing and changes in its temperature. Concrete which is cured in a
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relatively dry medium has a tendency to shrink as a result of a loss of the
water required to hydrate the cement grains. On the other hand, concrete
which is cured in a wet medium with free access to water has the tendency
to expand (Neville, 1963). However, due to the imperviousness of the con-
crete and of some soils, a long period of time (as long as a year, Neville,
1963) may be required to cause this expansion,

The thermal strains of the concrete depend on its temperature during
casting. This temperature varies between 60°F and 90°F depending on the
air temperature, the admixtures used, and the duration of mixing. The
temperature during casting of plant-mixed cement in the summertime is
about 90°F. During setting, the temperature (as measured in shafts tested
in this study) rises to over 120°F and cools to about 75°F in a period of
two days. The resulting volumetric strain in this instance is a contraction
of about 100 y in/in. The net volumetric strain between the end of con-
struction and time of loading of a drilled shaft may be a contraction or
an expansion. Contraction occurs in the general case and may reach values
as high as 200 p in/in, as discussed in later chapters. The effect of
these strains may be negligible on the radial‘stresses but could be significant
on the shear stresses on the surface of a long shaft. In the following
section, a simplified analysis based on the assumption of a homogeneous
linearly elastic soil is presented. Such an analysis can also be used
when volumetric strains occur in the soil such as in expansive clays.

Figure 3.7a represents the shear stresses developed on the periphery

of a pile incurring a uniform volumetric contraction. The tip resistance
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q, may be neglected for the envisaged displacements of the pile. If the
resistance of the soil is neglected for a distance {h below the surface of
the ground, and if the soil is assumed to have a uniform shear stiffness,
the point of zero movement divides equally the length of the shaft below
En. In developing an expression for the shear stresses on the wall of the
shaft as a function of volumetric strains from curing or from temperature

variations, it is convenient to define the following terms.

w, = displacement of a point on the pile,
A = coefficient of volumetric strain taken positive for an
expansion,
£ = half of the length the pile offering resistance to .
deformation,
C = circumference of the pile, A
A = cross-sectional area of the pile,
E = modulus of elasticity of concrete,
. Isz
g = shear modulus of the soil = e
z
9, = unit shear stress developed at the periphery of the shaft

and at a depth z,
Q = load at any point in the pile, considered positive when it

is a compression.

The following relation can be written at any point in the pile:



79

ds

—2 =+ )\t

dz

N

e < P )

Equation 3.15 becomes, for the case of an expansion of the shaft, the

following:

dwz Qz
o - - FA ot e eeee e e eeee oo e (3.16)

dzwz 1 sz

5 =" EA dz " C ottt ee e e e e e e e e (3.17)
dz

where
Q%
dz qsz
= szC e e e e e e e e s i e e e x e e e e e e e e . (3.18)
Therefore

d2wz szC

5 = TEA T I 1° )
dz

Equation 3,19 can be written as the following:
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d2w 2
22 2 * N Y 6c P74 )|
2 .
dz
where
_ [ BC
k EA

Equation 3.20 has a closed form solution of the following form:

w =Ae " + A.e e < VA B

The constants A1 and A2 can be evaluated from the boundary conditions:

dw B

w =0at z=0, and —= =0 at z = §
z dz

Employing these boundary conditions, Equation 3.21 can be rewritten

as

kz -kz
-r_-e ) : . (3.22)

k (ekﬂ + ekﬂ)

Figures 3.7b and 3.7c represent schematical plots with respect to depth
of the functions Wos Q> and Qz. If the pile is infinitely rigid, the
functions v, and qSz become linear and the function Qz becomes a parabola,

To give an idea of the order of magnitude of the stress involved,

consider a drilled shaft 30 inches in diameter and 50 feet deep in dry
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sand. The dimensions of such a shaft are consistent with shafts described
in this study. If the resistance of the upper ten feet of soil is neglected,
the displacement of the shaft at the bottom of the shaft and at ten feet
below the surface for a contraction strain of 200 microinches/inch is

about 0.05 in. As will be shown in subsequent chapters, a strain of this
magnitude may develop when shafts are constructed in dry soils. 1In most
soils the ultimate side shear is mobilized at a movement of the order of

0.1 to 0.2 inch and a movement of 0.05 inch may mobilize 25% to 50% of the
shear strength of the soil.

Furthermore, because the stiffness of sand increases with depth, the
point of zero movement is shifted to a lower position in the shaft than in
the example presented above, resulting in a larger displacement than the
value computed above, and resulting in the mobilization of a larger fraction
of the shear strength of the upper layers of sand. When the net strain in
the concrete is contraction, the shear stresses in the upper soil layers are
in the same direction as those mobilized during an axial compression loading
while the shear stresses in the lower layers are similar to those taking
place in an axial tension loading. When the shaft is later loaded in
compression, the upper layers of sand will offer a smaller resistance to
downward movement than the lower layers.

Axial Loading of the Shaft

The stresses generated in the soil by the axial loading of the shaft
are of a very complex nature. The loosening of the soil on the periphery
of the shaft and the nonhomogeneity of natural deposits result in an

indeterminate stress distribution. The computation of stresses in the
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sand during axial loading of the pile is a very intricate and complex problem
and requires the analysis of the complete pile-soil system. The stress at
any point on the periphery of the pile is influenced by the load transfer

at all levels in the pile. Furthermore, the compression of the soil under
the high pressure at the tip is believed to cause arching of the sand around
the tip in a manner similar to that described by Terzaghi (1936) for the
yielding trap door and to influence the stresses in the sand to a considerable
distance above the tip. Figure 3.8a presents schematically the radial and
verticél shear stresses generated at level B as a result of the shear
transfer dg, developed at level A (Terzaghi, 1943). The figure also pre-
sents the shear stresses at level B due to the shear transfer 9y When
these stresses are added to the stresses existing before loading, the

stress distribution in the soil surrounding the shaft can assume the pattern
presented in Figure 3.8b. Failure can, therefore, take place at any point
around the shaft where the value of the shear Try exceeds the value of the
product o_ tan 9. The failure at a distance from the surface of the shaft,
however, requires that the sand be compressible or have room to displace,
such as around the tip of the shaft,

The vertical force developed at the tip of the shaft compresses the
soil in the immediate vicinity of the tip. 1In drilled shafts, a plastic
zone develops at the tip at very large displacements (Vesié, 1963) and is
much smaller than that developed in driven piles. There is little infor-
mation, however, on the extent of this zone. The data reported by Koizumi,

t al. (1971) on a pile loaded in a cased open hole show a noticeable

—_——
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densification of the sand at the tip of the pile to a distance of about
one and one-half radii from the surface of the pile. It is, therefore,
believed that the extent of the compacted zone is of the order of the size
of the pile.

Two distinct zones develop around the tip of the pile as a result of
the downward movement. These are the flow zone and the arching zone. The
deformation patterns, due to downward movement, of a horizontal plane through
the pile tip and at some distance above the tip, are shown in Fig. 3.9. For
the downward movement of the pile indicated there would be slippage between
the sides of the pile and the soil, as shown. The lack of compatibility
between the deformation patterns at the pile tip and above the tip leads to
arching. The arching phenomenon causes an increase in stresses in the non-
yielding sand at some distance from the pile tip and a decrease in stresses
in the yielding soil near the tip. There can be a flow of soil toward the
pile near the tip to replace the subsiding soil in the region indicated in
Fig. 3.9. It can be postulated that above the zone of flow there will be,
also as a result of arching, an increase in the horizontal stresses at the
pile wall (See Fig. 3.9). Failure in the sand above the pile tip could in
these circumstances take place at a certain distance from the pile.

The dimensions of the two zones which are postulated are thought to be
mainly a function of the relative density of the sand and of the displace~
ment of the tip. In a very compressible loose sand, the tip resistance is
small and the compregsion is limited to a small area under the tip, thus

causing a reduced influence on the sides. 1In a very dense sand, significant
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compression of the sand below the level of the tip takes place at high
pressures and the zones of flow and arching may extend to a distance of a

few pile diameters above the tip of the pile.



CHAPTER IV. INVESTIGATIONS OF TEST SITES
LOCATIONS OF TEST SITES

The Center for Highway Research (CFHR) at the University of Texas at
Austin since 1965 has conducted a research program to investigate the be-
havior of drilled shafts installed in a variety of soils. To date, nine
instrumented drilled shafts have been installed and tested at various
locations in the state of Texas. Figures 4.1 and 4.2 indicate the location
of the nine test sites, A prospective test site (X) is now being studied.
Test sites I through IV have been the subject of previous research and have
been reported by Reese and Hudson (1968), Vijayvergiya and Reese (1969),
0'Neill and Reese (1970), Barker and Reese (1970), and Welch and Reese (1972).
Test sites V through IX constitute the subject of this current study.

In this research program undertaken jointly by the Center for Highway
Research and the Texas Highway Department, the test shafts are generally
located in future bridge bents to allow the use of permanent shafts of the
bents in providing the reaction for the test load and to allow a direct
implementation of the results of the loadvtests in the design of the other
shafts of the bridge.

Table 4.1 shows the location of the test shafts with respect to the

bridge bent in which each test shaft is located.
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Table 4.1 Location of Test Shafts and Type of Soil Tests

Location

Soil Tests

Site Designation
v Us59
VI HH
Vit Gl
VIII G2
X BB

West bay of bent No. 3 of the left
roadway of IH-37 and US59 structure

North bay of bent No. 2 of the left
main lane of IH-37 and Hailey Hollow

structure

South middle bay of bent No. 12 of
1610 (east bound) and I-45 interchange

North bay of bent No. 27 of 1610

(east bound) and I-45 interchange

West bay of bent No. 5 of left
frontage street of IH 288 and Brays

Bayou structure

THDP, SPT, UT triaxial
tests, granulometric
analysis, Dutch cone,

and A & M penetrometer

THDP, SPT, UT triaxial
tests, granulometric

analysis

THDP, SPT, transmatic
triaxial tests, UT
triaxial tests, granu-

lometric analysis

THDP, SPT, transmatic
triaxial tests, UT
triaxial tests, granu-

lometric analysis

THDP, SPT, transmatic
triaxial tests, UT
triaxial tests, granu-

lometric analysis

06
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SOIL INVESTIGATION PROGRAM

The soil investigation program at the test sites had two main objectives:

1. To evaluate the shear strength of the soil as the principal
variable controlling the load transfer in a drilled shaft.

2., To evaluate properties of the soil, such as grain size distribution
and Atterberg limits, that may influence the load transfer through
a physical-chemical interaction with the drilling fluid or the

concrete of the shaft.

Table 4.1 lists the soil test conducted at each site. Appendix A
contains a brief description of the soil tests as well as the results of
those tests.

The soil profiles at the test sites consist in general of an upper
layer of overcomsolidated clay overlaying a layer of sand. The evaluation
of the properties of these soil layers is discussed in the following
sections.,

Clay

In this study, mainly concerned with the behavior of drilled shafts
in sand, the properties of the clay. layers were investigated to allow a
comparison with the results of previous research and to evaluate the effect
of variations in the construction procedure on the load transfer.

The evaluation of the shear strength of soils is in general a major
problem. The sensitivity of soft clays and the fissured and heterogenous

structure of stiff clays constitute the major difficulties in evaluating
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the shear strength of clay. A comprehensive study of various shear strength

tests, namely the Texas Highway Department cone penetrometer (THDP), the

"transmatic triaxial,' the "UT triaxial," the direct shear, and the pocket

penetrometer tests, has been presented by O'Neill and Reese (1970). Their

main findings were:

1.

A statistical average of shear strength values obtained from the
UT triaxial and from direct shear tests gives a good estimate of
the undrained shear strength of fissured clays.

Values of shear strength from the transmatic triaxial test are
very‘conservative. The principal reasons for underestimation of
shear strength are the significant disturbance of the untrimmed
samples and the incomplete failure of the specimen at any
particular stage in the transmatic test.

The curve presently used to predict the unconfined compression
strength of clay from the THDP test yields results which are very
conservative (Appendix).

The pécket penetrometer values are the closest representative
values of the unconfined compression strength of the unfissured

clay.

The standard penetration test (SPT) may be used to evaluate the shear

strength of clay. However, as in any penetration test, the resistance

to penetration is not only a function of the shear strength of the clay

but is also a function of other factors. Some of these other factors are
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the sensitivity and the stress-strain properties of the clay and variables
related to the procedure used in conducting the test. The difficulty in
using SPT to obtain the unconfined compressive strength is illustrated in
Fig. 4.3, where different authorities obtained a multitude of widely
scattered curves. In the drilled shaft studies, correlations for local
clays do not exist and, therefore, an accurate evaluation of the shear
strength of clay from the SPT could not be made. It was, however, reasoned
that, since most of the clay deposits encountered at the test sites fell in
the range of medium to high plasticity and had a low sensitivity, the line
labeled (A) in Fig. 4.3 may give a reasonable representation of the shear
strength of clay. This line is very close to the line giveun by Terzaghi

and Peck (1948). The equation of this line is given by the following

expression.
_ N
Qu =T.5 * r vt e e e e e e (B
where
q, = unconfined compressive strength,
N = SPT blow count.
Sand

The difficulties encountered in evaluating the shear strength of

sand are discussed in the following paragraphs.
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Fletcher @ DeMello - Santos Clays
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Golder @ DeMello -S Paulo Clays

Fig. 4.3 Attempted Correlations Between SPT and q, (kg/cmz)
for Clays (After DeMello)
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The shear strength of a granular material is usually defined with
respect to a failure criterion and a strength test. However, re-
fined theories of failure of sand are only of academic interest
when a practical problem like the one under study is being dis-
cussed. The influence of a multitude of variables and unknowns
such as the construction procedure and the initial state of stress
is more significant than a change of a few degrees in the friction
angle. It seems, therefore, that refinement beyond the simplest
strength tests and the Mohr-Coulomb theory of failure is not
justifiable.

In the Mohr-Coulomb theory of failure, the shear strength of soil

can be expressed by the following equation.

S=CcHPpLtan @ . ¢ v v b e b e e e e e e e e e e e e . (4.2)
where

s = shear strength of the soil,

c = cohesion,

E = effective normal pressure on the failure plane,

5 = effective friction angle.

In a natural soil deposit, the variables on the right hand side
of Eq. 4.2 cannot now be measured. The cohesion is a function of

the stress level because the Mohr envelope is only a straight line
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for certain ranges of stress (Vesié, 1968). Furthermore, cementation
of natural soil deposits by the deposition of calcium carbonates

or by the formation of silica cements may affect the cohesion
considerably (Denisov, et al., 1963). 1In sands above the water
table, moisture creates an unmeasurable apparent cohesion.

The effective stress ; in a sand deposit is a major unknown,
mainly because the coefficient of earth pressure is unknown. This
coefficient has been proven to vary with the overconsolidation
ratio (Hendron, 1963). While the overconsolidation ratio can be
reasonably estimated in clays, there does not seem to be a
practical way of measuring this ratio in sand deposits. The angle
of shear resistance 5 is mainly a function of the relative density
of the sand. However, other factors such as the gradation of the
sand, the mineralogy, the angularity, and the size of the grains
may significantly influence the shear strength of the sand. It
is, therefore, important when evaluating the friction angle by
any test to have the sample represent as nearly as possible the
field conditions of the sand in regard to density and to composition.
Sand deposits may be quite heterogeneous. The sand gradation may
vary significantly within one layer. Furthermore, sand deposits
may be interbedded with very thin layers of clay as a result of
seasonal variations in deposition or may contain clay lumps that

have been eroded and deposited before disintegrating.
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In planning the soil investigation program employed in these studies,
several approaches were evaluated in light of the indicated difficulties
above. Vesié (1970) in his study of the Ogeechee River site mentions the
use of the standard penetration test, the static cone test, and the nuclear
probe for measurements of moisture contents and densities. He also used
laboratory triaxial testing. Various other investigators have reported
success in obtaining undisturbed samples of loose sand by special piston
samplers (Bishop, 1948; Sarota and Jennings, 1957) and of dense or cemented
sand by a double-core barrel (Denisson barrel, Taylor, 1948). In some
instances, undisturbed sampling of sand was made possible by freezing the
soil or by injection of chemicals. Other elaborate approaches consist of
digging pits (combined with dewatering when water is present) and hand
carving samples of sand (Wu, 1957).

After careful considerations, most of these approaches were rejected
as not being feasible or as being irrelevant to this study. Driving of
the tube of the nuclear probe (Vesié, 1970) was suspected to change the
density of the sand in the space around the probe, and the installation
of such a tube in a borehole was considered an impossible task. Further-
more, according to literature on the nuclear probe, the accuracy to be
expected is *2 pcf in density. Such errors would mean a considerable
variation in the relative density of the sand.

An attempt to use the Dutch cone was unsuccessful because of the un-
availability of the standard driving equipments and because of the limita-

tions of this test in very dense sands. Attempts to extract undisturbed



samples of the sand with a piston sampler and with the Texas Highway Depart-
ment double core barrel were also unsuccessful. The disturbance of the
sample during sampling, transportation, and handling in the laboratory
eliminates the benefits of such an approach. It was felt that the evaluation
of the sand properties by the Dutch cone and by undisturbed sampling testing
was only necessary for academic interest since these methods are not common
on the American continent and attempts to use them were not pursued further,

The investigation of the sand layers of this study was then made using
two dynamic penetration tests: the Texas Highway Department cone penetrometer
and the standard penetration test. It was felt that the evaluation of the
in situ properties of sand with tools commonly used by the practicing
engineer will provide some valuable information to the profession.

The engineers of the Texas Highway Department use a single chart
(Appendix) to evaluate the shear strength of both sand and clay from re-
sults of their penetrometer tests. One may question this approach if it
is admitted that the penetration phenomenon is basically related to a
bearing capacity failure and that the problem in sand is essentially a
partially drained problem whereas it is a quick problem in clay. 1In this
study results of the Texas Highway Department cone penetrometer were used
in the following manner: a statistical correlation was made between the
THDP and SPT by comparing blow counts in holes at the same site and using
the results of all test sites; the results of the THDP at one site were
then transformed to equivalent SPT blow count to verify the measured SPT
results. This verification was felt necessary since only one borehole

for SPT measurements was made at the Houston sites.
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The standard penetration test has long been used to estimate the
relative density or the friction angle of the sand. The first correlations
between the SPT and the relative density were given by Terzaghi and Peck
(1967) and later by Peck, Hanson, and Thornburn (1953) (Fig. 4.4). Research
conducted at the US Bureau of Reclamation by Gibbs and Holtz (1957) led to
a more rational correlation between the relative density of sand and the
SPT by including the effect of the overburden pressure (Fig. 4.5). Results
of similar research conducted by Schultz, et al. (1965) are summarized in
Fig. 4.6, Bazaraa (1967) concluded from the analysis of 1300 penetration
tests that the USBR Charts overestimated the relative density and he
recommended the use of more conservative relationships (Fig. 4.6).

Recently, De Mello (1971) gave the standard penetration tests an
evaluation by presenting a rational analysis of the penetration phenomenon
and the results of a statistical analysis of a large volume of data. Using
expressions from the theory of bearing capacity, and a statistical regression
analysis of the USBR tests, De Mello derived the following relationship:

4

_ 2. 2 m., ¢, .mtang-1
SPT = 4.0 + 0.015 tang tan (4 + 2) e

ntang

+ o tan’ T+d e $8.7 o e e e e (WD)

where

o = overburden pressure T/mz.
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De Mello contends that the ''shear resistance is the principal parameter
at play" in resisting penetration, and rejects the USBR approach of corre-
lating the standard penetration test with the relative density. Figure 4.7
shows a comparison between the triaxial ¢max values and the ¢ values
estimated from the above regression analysis.

For purposes of this study and with the views already explained in
mind, the SPT data were interpreted in the light of reasoning presented in
the following paragraphs.

The analysis of De Mello is, in the opinion of the authors, the best
analysis that has been made of the penetration test. However, this analysis
does not consider two aspects of the penetration resistance: the compressi-
bility of the sand and the friction on the sides of the penetrometer. One
can think of two sands having the same angle of shear resistance but having
two different compressibilities (due to differences in gradation, angularity
and mineralogy). The two sands would exhibit different penetration re-
sistances. On the other hand, sands of perfectly similar physical
characteristics may indicate different blow counts due to a difference in
the overconsolidation ratio and consequently a difference in the coefficient
of earth pressure and the side resistance.

Neglecting the effect of overconsolidation, cementation, and other
variables related to the SPT test procedure, it seems reasonable to assume
the penetration resistance to be a function both of the relative density
and of the angle of shear resistance of the soil. With two variables and

one output, the penetration test may not give accurate information on
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either one of the variables. If the SPT is combined with another field or
laboratory test, it is possible that the influences of the variables can
be separated.

The next rational step, along this line of thinking, is to treat the
SPT blow count as an index property of the soil, directly related to the
behavior of foundations. However, a friction angle means more than a
number from a test that is not yet standardized (Ireland, et al., 1970).
Furthermore, certain aspects in the behavior of foundations, e.g., the side
shear on a pile, are mainly functions of the friction angle of the soil
and must, therefore, be expressed in terms of the friction angle.

De Mello, Fig. 4.8, presents a statistical regression analysis of
voluminous data in trying to relate the friction angle to the relative
density of the sand. As could be expected, such a universal relationship
does not seem to exist for all sands, but does seem to exist for "average"
sands. The term '"average" is not explicitly defined by De Mello, but he
indicates that average sands are quartz sands of average unifdrmity of
gradation that occur most frequently and are similar to the sands used in
the USBR research.

If one accepts the existence of a relationship between the friction
angle and relative density for average sands, then the penetration re-
sistance can be expressed as a function of either variable.

In looking for such an expression among the large number which have
been proposed, the relations given by the USBR are found to be most

reasonable. While Bazaraa (1965) indicates that the SPT overestimates
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the relative density of the sand, De Mello (1971) suggests that the SPT
underestimates it. The disagreement is apparently due to the several other
factors that neither one of the authors included in his analysis. The
criticism of Gibbs and Holtz for neglecting the effect of the weight of the
drive rods seems unjustified for depths between 15 and 80 feet below the
surface because the energy transmitted to the penetrometer in this range

of depths does not vary significantly.

It was, therefore, decided in this study to obtain the relative density
of the sand from the USBR charts. There does not seem, however, to be an
obvious choice of the relation to be used in correlating the relative
density to the friction angle of the sand. A relation proposed by Peck,
et al. (1953) seemed reasonable and was very close to the curve given by
De Mello for average sand, and was, therefore, adopted for this study.

With regard to possible errors in the friction angle from the use of
the procedures outlined above, it can be argued that an error of a few degrees
in estimating the friction angle cannot be very significant in the analysis
of drilled shafts when the side resistance of the shaft is considered.
Because the side resistance is a function of tan ¢, one can write the

following:

T T ()

where
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qq = unit shear stress

and
1
dq T, (Y
5 ~ 2
cos @
The relative error in side friction can further be expressed as the
following:

Aq 1
—=A¢. 2 ...............-(4.5)
s cos ¢. tan ¢

The relative error in qg due to an error in ¢ of one degree varies
bétween 3.5% and 4% for a range of angles between 30 and 50 degrees.

An error of 20 percent in evaluating the side resistance of a drilled
shaft may not be very significant when the effects of other unknowms in
evaluating the properties of the sand or in the construction procedure

are considered.

On the other hand, many of the existing theories concerning the bearing

capacity of deep foundations show that a slight change in the friction angle,

particularly at higher densities, causes a significant change in the bearing

capacity of the tip of the foundation, It is, however, an accepted fact
that the bearing capacity failure of deep foundations is of the punching
failure type (Vesié, 1963). The large bearing capacity predicted for

large diameter deep foundations, by theories based on the plastic
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equilibrium of the soil mass, is not realistic, because the stresses
generated by such bearing pressures lead to the crushing of the soil grains
(Vesié, 1968), and consequently to prohibitive settlements. It seems, then,
that for deep foundations, the bearing capacity of the tip of the foundation
is more sensitive to the compressibility of the soil than to the angle of

shearing resistance.

CORRELATIONS BETWEEN SPT AND THDP

A correlation between the standard penetration test (SPT) and the
Texas Highway Department cone penetrometer (THDP) is needed for the purposes
of this study and for the purpose of making the results of this study useful
to the users of the THDP. A correlation based strictly on analytical con-
siderations is very complicated, and a statistical correlation is more
rational. However, a discussion of the basic principles and variables
involved in the penetration phénomenon is necessary before any correlation
is attempted,

The penetration phenomenon is similar to that of pile driving that has
been the subject of many investigations (Terzaghi, 1943). Figure 4.9 shows
schematically the free body diagrams of the penetrometers and the compression
wave generated in the drilling rod at the impact with the hammer. The
wave is simplified in a sharp triangular shape that characterizes the
steel to steel impact. When the wave reaches the soil, the shear strength

of the soil is partly or fully mobilized to resist the displacement of the
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penetrometer. If the soil resistance is smaller than the peak force applied,
the soil fails and penetration takes place. The energy of the wave is then
dissipated in plastic deformation of the soil (See Fig. 4.9c). 1If the soil
resistance is larger than the peak force of the wave, the soil reflects the
wave and the energy is dissipated in heating the systém.

Most clayey soils {such as the clay soil tested in this study) exert
a small resistance to both types of penetrometers, and the impact energy
is usually readily dissipated by penetration, with similar small amounts of
heat losses in both penetrometers. However, for the same penetrometers, the
bearing resistance is significantly larger in sands than in clays (particu-
larly sands of medium densities and above, as are the sands tested in this
study). This fact results in greater heat losses when sandy soils are
tested.

Furthermore, the peak stress of the compression wave can be roughly

estimated by

Wy

WP (1+E/TC L)

v
P =E-2
v

max (Terzaghi, 1943)

where
E = elastic modulus of drilling rod,
Wp = weight of drilling rod,
Wh = weight of hammer,
L = length of rod,
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TC = stiffness of cushion,
Vh = velocity of hammer at impact,
v = velocity of sound in drilling rods.

For two penetrometers using comparable driving mechanisms and driving rods
and differing only in the weights of the driving hammers, the ratio of the

peak stresses of the compression waves can be expressed as the following.

P ) J (DRIVING ENERGY)
max cone cone

(Pmax)spoon (DRIVING ENERGY)spoon

0.985

It can, therefore, be concluded that the peak stresses applied at
the penetrometer level are fairly comparable in both types of penetrometers.
Because the soil resistance is significantly larger for the larger cross-
sectional area of the cone than that of the spoon, while the peak driving
force is practically the same, it follows that the heat losses in the THDP
are larger than in the SPT,.

Figures 4.10 and 4.11 show the plots for clay and for sand of the
penetration resistance of the two penetrometers. The comparisons were
only made for tests taken at about equal depths to eliminate the error
due to the weight of the rods (De Mello, 1971) and due to variations in

the type of soil.
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A rigorous statistical analysis was not attempted due to the limited
amount of data available. Furthermore, a linear correlation is proposed
for both soils. A straight line relationship is rational for clays and
soft driving soils because the heat losses are not enough to produce non-
linear effects. There are larger heat losses in dense sand and in hard
driving soil and the losses are not comparable in both tests. As a result
a nonlinear correlation between the two tests may be anticipated. However,
the large scatter of the data in sands did not seem to warrant a nonlinear

correlation and a linear correlation as shown in Fig. 4.11 was adopted.
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CHAPTER V. DESCRIPTION OF FIELD WORK

This chapter describes the various phases of the field testing program
which were carried out. Personnel from the Texas Highway Department and
from the Center for Highway Research at The University of Texas at Austin

cooperated in performing the work.

DESIGN OF TEST SHAFTS

The test shafts located at the sites of future bridges were designed

to satisfy the following requirements:

1. To carry, with a reasonable factor of safety, a load equal to the
design load of the shaft.

2., To penetrate the maximum possible distance into the sand layers
and to give information on the load transfer in these layers.

3. To have a maximum capacity within the limits of the loading

system (1000 tons).

INSTRUMENTATION

The instrumentation of the test shafts consisted mainly of Mustran
cells for the purposes of measuring the load at various sections in the
shaft during the load test., Thermocouples were also installed in the
test shafts to measure the temperature of concrete during curing.

The thermocouples were "Quick tip'" iron-constantan thermocouples

manufactured by the Leeds and Northrup Company and were installed at three

117
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or four levels in each shaft, as shown in Fig. 5.1.

The Mustran cell is a strain-sensing cell developed at the Center for
Highway Research specifically to meet the needs of the research on the
behavior of drilled shafts. The construction and operation of the cell have
been described in detail by Barker and Reese (1969, 1970) and by O'Neill
and Reese (1970). 1In the following sections, a very brief description of
the cell an& of the recent modifications in its usage are presented.

The Mustran cell consists of a one-half inch square steel bar in-
strumented with two 90° foil strain gage rosettes to form a four-arm bridge
circuit. Two steel caps are fastened at the ends of the bar after enclosing
it in a 1-5/16 inch rubber hose to provide shock protection and water-
proofing. Additional protection against the entry of water is provided
by partially filling the cavity around the bar with anhydrous calcium
chloride and by pressurizing the cell and lead wire with dry nitrogen.

Two types of Mustran cells are manufactured in the shops of The
University of Texas.. Type-1 cells are distinguished basically from type-2
cells by a reduction in the cross-sectional area of the bar at the location
of the strain gages to provide a higher multiplication of the concrete
strains, Also, the steel bar in type-1 cell has a length of four inches
as compared to five and one-half inches in the type-2 cell. The sensi-
tivity of the type-2 cells was estimated to be adequate for the test
shafts of this study and was, therefore, used exclusively in all of the
shafts described in this report. Various laboratory tests were conducted

on the cells, prior to their shipping for field use, to check their
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electrical stability, their response to loading and their waterproofness.

The resistance-to-ground of the strain gages and their indicated strain,

as compared to a reference bridge of similar gages, were measured periodically
for a few weeks following the construction of the cells. Gages exhibiting

a resistance-to-ground smaller than 100 megohms or indicating a drift in

the strain reading were reopened and treated till a satisfactory performance
was obtained. The cells were exercised by subjecting them to a cyclic
loading of one ton at a constant rate of strain. The applied load, measured
by a calibrated load cell, and the response of the gages were plotted in-
stantaneously by an x-y chart plotter., Cells exhibiting a nonlinear response
or an abnormally different output than the average output of the other gages
were opened and repaired. The output of most of the cells was, therefore,
practically the same except for some cells that exhibited slightly different
output (up to 10%). This difference was later accounted for in reducing

the data., The Mustran system of each shaft, consisting of the Mustran

cells, lead wires, and plugboard and the enclosing manifold, was pressurized
with dry nitrogen and submerged in water to detect possible leaks.

In the field, the Mustran cells were installed in pairs on two
diametrically opposite bars of the cage of reinforcing steel. Figure 5.1
shows the so0il profile and sketches of the locations of the instruments in
the test shaft, The cells in the exposed part of the shaft serve to de-
velop a calibration curve relating the known applied load on the top of
the shaft to the output of the cells. This calibration curve is later

adjusted as necessary to reflect variations in pile diameter and is used
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to compute the load in the shaft at the other levels of cells. The photo-
graphs in Fig. 5.2 show Mustran cells installed on the cage of reinforcing
steel. Figure 5.2a shows two cells at about mid-height of the cage on
diametrically opposite bars. Figure 5.2b is a view of the lower end of the
cage and shows four Mustran cells. The extra cells were placed at the
bottom of the shaft in order to measure more accurately the load in point
bearing, Figure 5.2c¢ shows the construction of the shaft at the G2 site.
The lead wires from the instrumentation are collected in a manifold which
is pressurized with dry nitrogen as a further protection against migration
of moisture into the electrical system.

The distribution of the gages in the shafts was based on the following

considerations:

1. To insure a good calibration level at the top of the shaft.
2. To obtain more information from sand layers because clay was
the subject of previous research.

3. To obtain an accurate measurement of the tip resistance.

These considerations explain the higher intensity of gages at the top
and bottom levels of the shaft as shown in Fig. 5.1.

The non-loading performance of the Mustran cells was monitored with
a Budd strain indicator with the output of each cell being compared to
that of a reference bridge. During test loading, readings from the Mustran
cells were obtained with a digital data logging system (Honeywell, Model

620) and recorded on a paper tape at the approximate rate of one reading
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a. Detail of Installation of
Mustran Cells

b. View from the Tip of the
Instrumented Steel Cage

¢. Lead Wires and Pressuring System
During Construction

Fig. 5.2 Instrumentation
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per second. The cells were continuously powered and monitored for at least
one hour before the test to provide data on their possible electrical drift.
No significant drift in the cells or in the system was detected. Failures
in the cells which did occur were of a mechanical nature related mainly to

the construction techniques of the test shafts,

CONSTRUCTION

Two methods of construction were used to install the test shafts: the
dry method and the slurry displacement method. The dry method was used in
installing the test shafts in Live Oak County (shafts US59 and HH) and the
slurry displacement method was used in installing the test shafts in Harris
County (shafts Gl, G2, BB). The procedure which was followed in each

method of construction, except for minor variations, was as follows:

Dry Method

1. Open a hole until the plan elevation is reached.
2. Lower a workman who manually cleans the bottom of the hole.
3. Set the instrumented cage of reinforcing steel in the hole.
4, 1Insert a tremie in the hole and suspend it from one of the lines
of the crane. The tremie used was a 10-inch pipe about 25 ft.
long and had staggered openings in the sides.
5. Apply a dry nitrogen pressure of- about 20 psi on the Mustran system

to prevent the migration of water from the concrete into the cells.
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Pour the concrete in the hopper or into one of the side openings
of the tremie.

Fill the hole to about 7 ft. from the surface of the ground by a
continuous pouring of the concrete,

Retract carefully the tremie and continue filling the hole by
using the chute of the concrete truck.

Form the last 7 to 9 ft. of the shaft with a sonotube to prevent
the formation of a tapered shaft close to the surface of the
ground, (It has been previously reported that the drilling
process invariably results in a tapered hole due to the rapid
entry of the auger in the hole [Barker and Reese, 1970].)

When the concrete is set, remove the soil from around the shaft
to a distance slightly below the calibration levels of the

Mustran cells,

Slurry Displacement Method

1.

Open a hole without slurry until a water-bearing, caving layer

is encountered.

Immediately introduce the premixed mud slurry and keep its level
within three to five feet of the ground surface.

Continue drilling to plan elevation under slurry.

Clean the bottom of the hole with a bucket or an auger immediately

before the cage of reinforcing steel is set in place.



126

shafts.

10.

Attach four concrete blocks at the bottom of the cage to avoid
sinking of the cage in the sand, and then set the cage in the
hole. (A bottle of nitrogen is tied to the steel cage to keep
the Mustran system continuously pressurized, during the in-
stallation of the cage.)

Insert a temporarily sealed tremie, 10 inches in diameter, through
guides welded to the reinforcing steel cage and set the tremie in
the hole.

Fill the tremie with concrete and unplug it by lifting it a few
inches.

Place concrete while keeping the tremie tip well embedded in the
concrete, Flow of concrete through the tremie is assisted as
necessary by carefully raising and lowering the tremie.

Waste the first portion of the concrete flow, because this con-
crete is usually contaminated with mud, and form the top five to
seven feet of the shaft with a sonotube.

When the concrete is set, remove the soil from around the shaft
to a distance slightly below the calibration levels of Mustran

cells.

Figure 5.3 shows the different phases of the construction of the test

Figure 5.3a shows the drilling process under mud. In Fig. 5.3b

a man is being lowered in a dry hole to clean the bottom of the hole.

Figure 5.3c shows the tool which is employed to clean the bottom of a

hole drilled with slurry. Figure 5.3d shows a long, instrumented steel
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a. Drilling Under Mud

b. Manual Cleaning of the
Bottom of a Dry Hole

o, e - g = |

¢. Bucket Cleaning of the Bottom
of a Hole Drilled Under Mud

Fig. 5.3 Construction - Drilling and Cleaning
(Continued)
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d. TAfting af lpstrumeniard
Steel Cage

¢. Installatien of Steel Cage
in the Hols

[« Temporary Seal of Treule

Fig. 3.3 ({(Continued)

(Continuad )
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g. Concreting of a Dry Hole

h. Concreting by Slurry Displacement

1. Forming of the Top Section
of a Test Shaft

Fig. 5.3 (Continued)
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cage, lifted with three points to avoid excessive bending of the cage;
while Fig. 5.3e shows the installation of the same cage in the hole.
Figure 5.3f shows the temporary seal of the tremie. Figures 5.3g and 5.3h
illustrate the concreting procedure followed in concreting dry holes and
in concreting by slurry displacement. Figure 5.3i shows the last phase of
the construction, consisting of forming the.top section of the shaft in a
sonotube.

Table 5.1 presents data on the dimensions of the shaft and some of the
field data related to the concreting phase of the construction. The time
required to concrete the hole and the temperature of the concrete have a
decisive influence on the lateral pressure developed by the concrete
against the walls of the hole.

Comments Concerning the Construction of Shaft US59

There was sloughing of the walls of the hole during drilling in the
sand at about 18 feet below the surface of the ground. The sloughing was
limited to an area of about two square feet and extended about two inches
into the walls of the hole. Difficult drilling was experienced in the
very dense dry sand below a depth of 25 ft. The wobbling of the kelly bar
beyond that depth created corrugations in the walls extending to the bottom
of the hole. The depth of the corrugations was estimated at about one inch.

Due to some technical difficulties, pressurizing of the Mustran system
was not possible till about two hours after concreting was completed. The
resistance~to-ground of the cells was still excellent after that time and

no moisture is believed to have reached the gages.
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Table 5.1 Location and Geometric Descriptions of Test Shafts

Conc, No. of Air Time
Shaft dn, da, De, Db, As Slump, Cone. Temp., for
in. in. ft. ft. in. Trucks °F Concreting
Us59 30 -~ 9.5 25.4 8&#9 2.5-3.0 2 89 =% hr.
Cast 8-25-70
HH 24 - 7.2 19.8 8#7 5.0-6.0 1 92 =% hr.
.Cast 8-31-70
Gl 36 37.7 7.0 54,8 10#8 6.0-7.0 3 91 =1 hr.
Cast 9-02-71
G2 30 31.4 5.5 73.5 8#8 5.5-6.5 3 90 ==1,5-2
Cast 8-19-71 hr.
BB 30 31.4 3.0 45.0 8#8 6 2 83 =% hr,
Cast 9-03-71
T
+ e |{~t—dn
De = exposed height of shaft De -
Db = buried height of shaft ; t g E
dn = nominal diameter (or sonotube b
diameter) | |
As = steel reinforcement | L
- A3
da = averaged measured diameter by
—»{' ||~e—da
Db Lo
'y
Lo
v
by
|
Y !

Generalized Elevation of Test Shafts
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Comments Concerning the Construction of Shaft HH

The depth of the hole at this site was smaller than the length of the
tremie and, as a result, the concrete was poured through one of the side
openings of the tremie. This procedure forced the concrete into a sinuous
chute and is believed to have caused a segregation of the concrete at the
tip of the shaft.

Comments Concerning the Construction of Shaft Gl

At this site, cleaning of the bottom of the hole with an auger was
unsuccessful., Cuttings and loose soil were believed to have fallen back
to the bottom. As the site was muddy and the top of the hole was not
protected, the workmen caused soft mud to fall into the hole while walking
around the shaft during and after the installation of the steel cage. The
belief that soft material existed at the bottom of the hole was later
sustained by the fact that the tremie sank about six inches when the first
bucket of concrete was poured into the tremie.

Comments Concerning the Construction of Shaft G2

A first attempt to install the shaft in the south bay of the bent
failed because the contractor did not keep the mud slurry at a high enough
level in the hole. Keeping the mud slurry near the level of the caving
soils accelerated the caving because of the scouring action caused by the
fluctuation of the mud surface. The first hole was filled with concrete
and abandoned.

The second attempt was successful because the mud slurry was kept near

the ground surface. Also, premixed mud slurry was used, a procedure
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which was found advantageous. In-hole mixing as used during the first
attempt could have aided the scour and the caving which was observed.

The bottom of the hole was cleaned with a bucket just before the steel
cage was introduced. Unusually nonhomogeneous soil conditions existed at
the site and there was uncertainty about the character of the soil at the
tip of the shaft.

Comments Concerning the Construction of Shaft BB

Two observations were made concerning the mud at this site:

a. The mud slurry was too thick because some water drained out of the
hole leaving a thick bentonite gel.

b. Contaminated water from Brays Bayou was used in mixing the mud.
This contaminated water caused flocculation of the bentonite and

inhibited the formation of an impervious mud cake.

Soil borings at the site indicated that the sand formation contained
occasional sandstone lenses. At the shaft location these lenses were not
encountered; however, a 10-inch auger advanced in the sand below plan tip
elevation indicated hard layers interpreted as sandstone 2.5 feet below
the tip.

Data on the Concrete of the Test Shafts

Table 5.2 presents laboratory data on the compressive strength and the
modulus of elasticity measured on concrete cylinders. Cylinders recovered
from the construction of the shafts in Live 0Oak County were cured in a

100% moisture room and tested at the laboratories of The University of



Table 5.2 Data on the Concrete of the Test Shafts

Shaft Specimen Compressive Strength Modulus of Manufacturer Laboratories
f;, psi Elast%city,
psi

Us59 Cylinder 1 4700 6.0 x 100 South Texas Uu. T.
Cylinder 2 4050 6.0 x 10 Material Co., U. T.
Beam 1 4820 (932) Beeville THD
Beam 2 4150 (725)% THD

HH Cylinder 1 5750 5.4 x 102 South Texas u. T.
Cylinder 2 6250 5.8 x 106 Material Co., U. T.
Cylinder 3 6100 5.8 x 10 Beeville U. T.
Cylinder 4 6000 -ttt 6 U. T.
Cylinder 5 5100 5.2 x 10 U. T.
Beam 1 4750 (750)* THD
Beam 2 4220 (670)* THD

Gl Cylinder 1 5651 5.3 x 102 Gifford THD
Cylinder 2 5612 4.8 x 106 Hill, THD
Cylinder 3 5246 4,6 x 106 Houston THD
Cylinder 4 5088 5.0 x 166 THD
Cylinder 5 5123 4,7 x'106 THD
Cylinder 6 5105 4.8 x 10 THD

G2 Cylinder 1 4965 5.1 x 102 Gifford THD
Cylinder 2 5177 4.4 x 106 Hill, THD
Cylinder 3 4912 5.1 x 106 Houston THD
Cylinder 4 4735 4,8 x 106 THD
Cylinder 5 4647 5.1 x 106 THD
Cylinder 6 4735 4.9 x 10 THD

{Continued)

el



Table 5.2 {(Continued)

Shaft Specimen Compressive Strength Modulus of Manufacturer Laboratories
fé, psi Elasticity,
psi
BB Cylinder 1 4843 5.2 % 102 Gifford THD
Cylinder 2 5035 5.0 x 106 Hill, THD
Cylinder 3 4718 4.3 x 106 Houston THD
Cvlinder 4 4701 4,2 % 10 THD

* The tensile flexure strength Ft measured from the center point loading is related to the

compressive strength fé by Ft = 1,22 x k x fé
where k = 0.14 for fé 5000 psi
= 0,13 for fé = 6000 psi (Neville, 1971)

Table 5.3 Data on Drilling Mud

Shaft Specific Gravity pH of Mud
of Mud
Gl 1.30 7.5-7.7
G2 1.05 8§.5-10.1

BB 1.40 6.6-7.6

6el
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Texas.

Concrete beams were also cast at these sites and were cured in

water and tested in flexure by the Texas Highway Department to obtain the

modulus of rupture. The concrete cylinders recovered from the construction

of the shafts in Harris County were tested by the Texas Highway Department.

The scatter of the results of compressive strength and modulus of elasticity

of the concrete is very remarkable. Some of the factors influencing this

scatter are

1.

of

The difference in the mixture of each batch represented by a
concrete truck.

The different mixing time for each truck. The trucks are usually
dispatched at one time to the construction site but have to un-
load at the rate imposed by the construction.

The problems inherent to sampling techniques. A large number of
samples is needed to allow a statistical consideration of the
quantities evaluated. This approach was not considered practical
and the cylinders recovered averaged about 1 cylinder per 3 cubic
yards of concrete.

Differences in the testing techniques. The concrete specimens
were tested in different laboratories and by different personnel,

a fact that results in inevitable differences in the results.

the above mentioned factors, only the first two affect the real

strength and stiffness of the concrete in the shaft. The variation in

the stiffness of concrete cast from different trucks results in an erratic

scatter of the data obtained from the Mustran cells.
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Table 5.3 presents the values of the density and the pH of the mud used
in the construction of shafts in Harris County. It is believed that the low
pH at Gl and BB sites caused the mud to flocculate and, therefore, increase

in density by suspending solids.

LOAD TESTS

The test shafts were loaded to failure at periods of time varying, for
the different shafts, between 16 and 60 days after the end of construction.
The load tests at an early age were intended to detect significant effects
of early loading on the capacity of drilled shafts.

Apparatus and Procedure

The loading system used in the tests is the same as that described by
Barker and Reese (1969, 1970), and O'Neill and Reese (1970). The main

features of this system are:

1. A reaction beam supported by two anchor shafts which are
permanent elements in the bridge.

'2. Two calibrated hydraulic jacks.

3. An air operated oil pump provided with a bourdon gage and an
electrical pressure transducer to measure the pressure in the

hydraulic system.

The beam used in the tests at Live Oak County is the same as that

described by O'Neill and Reese (1970). A newly built reaction beam was
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used in the tests at Harris County. Some of the features of the new beam
were improved connections between the anchor shafts and the beam for
easier erection of the reaction frame, and an improved design of the loading
box which provides the bearing area between the beam and the jack. Both
beams were designed to allow a load of 1000 tons to be applied to the test
shaft. The anchor shafts were, therefore, designed for a pullout force of
500 tons. The spacing of the anchor shafts was in all cases more than
seven times the diameter of the test shaft. The anchor shafts were
believed to have a minimal influence on the behavior of the test shaft,

The capacity of each jack was limited to 500 tons, a load which
corresponded to a pressure of 20000 psi in the hydraulic system. The
jacks were calibrated periodically to provide a fixed relation between the
hydraulic pressure and the applied load. Special provisions were taken
during the installation of the jacks to minimize the eccentricity of the
applied load. The top of the shaft was carefully leveled with a quick
setting capping compound before a one-inch-thick steel plate and the jacks
were placed. A one-inch-thick plywood board was inserted between the shaft
and the steel plate in the tests at Harris County and rotary swivel heads
were placed between the jacks and the beam in the tests at Live Oak
County in a further attempt to reduce the eccentricity of the load.

The settlement of the test shaft was measured with two dial indicators
mounted on diametrically opposite positions on the butt of the shaft.

The dial indicators had a two-inch travel and a resolution of .00l inch,
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The settlement was measured with reference to two 4-in. by 4-in. timber
beams 20 feet long anchored at their ends in the ground.

The quick test procedure (QL) prescribed by the Texas Highway Depart-
ment "Special Provisions to Specifications Item 405, 1965," and described
by 0'Neill and Reese (1970), was used in most tests. In this testing
procedure each load increment was maintained for two and a half minutes
before the next increment was applied. The magnitude of the load increment
varied for the first test, between one-twentieth and one-thirtieth of the
estimated ultimate load. The loading increments on subsequent tests and
the unloading increments were arbitrarily chosen between two and five times
the loading increment of the first test, A set of readings of the Mustran
cells was started in all tests at one-half and at two minutes after the
application of the load. The settlement gages were read at the same time
as the load cells in the tests at Liveoak County and at five seconds and
at two and a half minutes after the application of the load in the tests
at Harris County. In the following ch<ns1:XMLFault xmlns:ns1="http://cxf.apache.org/bindings/xformat"><ns1:faultstring xmlns:ns1="http://cxf.apache.org/bindings/xformat">java.lang.OutOfMemoryError: Java heap space</ns1:faultstring></ns1:XMLFault>